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Xi

ABSTRACT

As wind turbines are continued to be placed at higher elevationset for taller wind

turbine towers becomes necessary. However, there are multiplengea associated with
extending the currently used 262-ft (80-m) tall tubular steel ®wegreater elevations. In
this context, alternative tower designs and/or construction matemaluding the use of
concrete and Ultra-High Performance Concrete (UHPC), arerexpifor a wind turbine

tower with a 328-ft (100-m) hub height. Given the lack of existingidwnts for designing

wind turbine towers, the current design practice for wind turbine toarat applicable

design code of practice are examined and the characteristit$RC are reviewed. Designs
for a 328-ft (100-m) tubular steel, concrete shell, UHPC Saetl, UHPC Lattice tower are
completed and the benefits and challenges associated with thess toe discussed. Both
UHPC tower designs are shown to be practical alternativesetd towers due to their
efficient use of material. Although no detailed cost evaluation ceaspleted, the UHPC
Lattice tower concept was found to be the most attractive sigléisign was formulated to
increase the tower height while reducing construction, transportatite development, and
erection costs. Furthermore, it provides a variety of options fwirg the tower along its
length. Consequently, the UHPC Lattice tower concept is furtheuateal through the use
of finite element analysis and its design was completed usingCUH&mbers with hollow

sections as bracing elements.
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1 INTRODUCTION

1.1 “20% Wind Energy by 2030”

With the growing cost of fossil fuels and their increasinglgognized impact on the Earth’s
atmosphere, the production of renewable energy is on the rise (Ré¥adwreergy Policy
Network for the 21st Century, 2009). Of the current clean eredtggnatives, wind energy is
positioned at the forefront of the renewable energy drive asasiitest growing source of
renewable energy (United States Department of the Interior, 2889reviously noted by
Lewin and Sritharan (2010).

When compared to other forms of energy, the wind energy industrigisvedy new. While
windmills have been used as early as 500 A.D., they weren'¢rdra@s the United States
until 1854 (Dodge, 2006). Even so, the first large scale use of wind turhities United
States occurred in California, when 17,000 turbines were constructéte 1980s, with
capacities spanning 20-350 kW (Dodge, 2006). Although an early leaderd energy, the
United States allowed investment tax credits to expire, hampéhn@ggrowth of the
American wind energy market. Despite a federal Production TeditQiPTC) being put in
place during 1992, this industry was largely stagnant until 1999 (Dodge,. 20@B6at year,
there was revitalization in wind energy, with 900 MW of engogyduction installed in the
United States (American Wind Energy Association, 1999). Howevemse s uncertainty
pervaded the market until the PTC was extended in 2004. More reemilpnmental
concerns, fluctuation of fuel prices, and strong support from gtaternments has revived
American interest in wind energy. In July 2008, the UnitedeStatgain became the

international leader in wind energy, out-producing Germany (Gelsi, 2008).

In May 2008, the Department of Energy (DOE) released a report, \208d Energy by
20307, detailing a scenario in which 20% of all energy in the UnitedeStwould be
produced through wind energy. In order to meet the projected demandnéogye
consumption in the year 2030, the country would need to increase its wigg pnaiuction
by 300,000 MW (U.S. Department of Energy, 2008). With the U.S. wind eraqggcity
rated at 35,000 MW at the end of 2009 (American Wind Energy Assoti2010), this goal
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is far from accomplished. With only 1.8% of total U.S. energy suppledind (American
Wind Energy Association, 2010), continued research and development otuslites is

necessary.

1.2 Role of Towers in Wind Energy Production

One of the largest and most visible components of a wind turbirne isupport tower, as
shown in Figure 1.1. While much attention is currently focused on imprateaiethe
turbine and blade technology, wind technology

stands to gain tremendously through the refineme

and development of new and taller towers.

One of the major challenges identified in “20%
Wind Energy by 2030” is, “...reduction in wind
capital cost and improvement in turbine
performance through technology advancement a
improved manufacturing capabilities” (U.S.
Department of Energy, 2008). While continuec
improvement in the durability and efficiency of the
turbines themselves will aid in accomplishing this
goal, it is necessary to explore other cost-effecti
alternatives. During a 2008 Department of Energ
workshop (U.S. Department of Energy, 2008)
“Significantly taller towers” coupled with “Design
innovation” were identified as necessary condition
for the attainment of the 20% by 2030 goal.

Taller towers are favorable to the wind energ
generation for multiple reasons. As power _ Figure 1.1: Wind Turbine

o ~ _Tower (Wind Energy Planning,
production is related to the cube of the velocity, it 2008
follows that a turbine in a faster wind environment is more efiiciDue to the effects of the
atmospheric boundary layer, wind velocity increases via a poweriatsibution with

height. Assuming a normal wind profile, as defined by the InterraltiBtectrotechnical
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Commission (2007), an increase of turbine elevation from 262 ft (80 88&dt (100 m)

would result in a 4.6% larger wind speed and a 14% increase in powet.oAn increase
from 262 ft (80 m) to 394 ft (120 m) would result in an 8.5% greated wpeed and a 28%
increase in power production. Hence, a logical cost-effective i@olid increase wind
energy production is to build taller turbines to exploit higher visc It is also likely that

turbines would gain increased operating time from these higher wind velocities.

Besides taking advantage of increased wind speed, taller turbieealsss more cost
effective. As shown in Figure 1.2, given the same surface area of laadfuddines produce
more energy with fewer total turbines (Brughuis, 2004). In thisast®n8 5MW turbines
would use the same surface area as 13 1.5MW turbines. Brughuis (B@0dptes that this
increased output does not increase the cost of connecting the tudbities power grid.
Additional cost savings could be realized through the reduction of enaimte costs
associated with the operation of fewer turbines, as well asnleddransportation costs, as

fewer blades and turbines would be needed for a wind farm.

|
[ ax 5=
|

|
4 domw
- .
-/ O 13x 1.5MW=
LA & .., -195MW

Figure 1.2: And lllustration of Power Production as a Function of Hub Heght
(Brughuis, 2004)

According to the WindPACT Turbine Rotor Design Study (Malcolm &nken, 2002), a
report contracted by the National Renewable Energy Laborat®{I(IN which was further
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elaborated on by LaNier (2005), the total cost for a 3.0 MW, 394 ft (1206we) (including
rotors, drive train, nacelle, control systems, balance of statiortoamud) is $3,445,150. Of
that price, $551,415 is associated with the tower materials and $195 d&b@ated with
tower transportation, representing 21.7% of the total cost of emchtwbine. Since tower
research and optimization would affect more than 1/5 of the oymred, it is undeniable
that tower research advancements would contribute to the DOH 9goeducing “wind

capital cost” and increase wind energy production.

1.3 Current Practice

The current state of practice for wind turbine tower design incltidesise of tubular steel,
regular strength concrete, and hybrid steel-concrete concept&vidr, the most commonly
used designs today are steel tubular towers. While current tea&ss/ the design criteria
for hub heights up to 80 m (262 ft), there are limitations that prewemh from being
extended to taller towers.

1.3.1 Lack of Uniform Design Specifications

One of the main limitations of the current wind turbine tower inglustthe lack of a unified
design code, created for use in the United States. Presently, towergineeed to a variety
of specifications. Because of this practice, some towers ntagllgcbe over-designed for
their task, resulting in higher than necessary costs and @tefligse of materials. On the
other end of the spectrum, it is also possible that current dedagnst actually consider all
necessary limit states for a safe structure. According t€#ihness Windfarm Information
Forum (2008), structural failure is the third most common causeiatl“turbine accidents”.
Table 1-1 (Caithness Windfarm Information Forum, 2008) gives ayyaadount of wind
turbine structural failures. This table combines structural turlimetower failures, while
excluding blade failures. Table 1-1 illustrates that althoudbrés are uncommon, they do

occur and suggests that some current design criteria may be inadequate.
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Table 1-1: Wind Turbine Structural Failures per Year (after Caithness Windfarm
Information Forum, 2008)

Year ‘00| ‘01| ‘02| ‘03| ‘04| ‘05| ‘06| ‘O7| ‘08| ‘09

Structural Failures per Year 9 3 9 7 4 7 9 6| 13 16

One the initiatives suggested by the “20% Wind Energy by 2030Deévelopment of
appropriate design criteria, specifications and standards” (&@&arnent of Energy, 2008).
While Europe has cultivated multiple wind turbine tower design staisd such as IEC
61400-1 and DNV-RISO’s “Guidelines for Design of Wind Turbines”, thetédhiStates
does not have its own wind turbine tower standard (Vazquez & Hagen, 20@9)edult is
confusion and lack of uniformity in tower design. This begs the quesfiavhy the wind
turbine industry cannot merely utilize existing building standardsidWrbine towers are
unique in their functions and the environment in which they operate. Tutbwmers
experience different loading (corresponding to various operatatgssof the wind turbine)

which must be specifically addressed.

One of the unique concerns for wind turbine towers is the high amowddféversals they
will experience in their design life. Although all buildings abddges are subjected to
dynamic forces, the vibratory characteristics of wind turbinembined with constantly
changing wind velocity can cause 5.29%&tigue load cycles (LaNier, 2005) for a 328-ft
(200-m) tall tower with a 1.5-5.0 MW turbine. Recognized Americardimglstandards such

as ACI 215R only account for fatigue of*1€ycles. European standards, such as the Model
Code 1990 (Comite Euro-International Du Beton, 1990) for concrete or tluedtar 3
(European Committee for Standardisation, 1992) for steel, have condidisressue. In the
case of steel towers, fatigue is recognized as one of thengoydimit states for design
(LaNier, 2005). The absence of provisions for high cycle fatiguerdiiest the inadequacy of

existing American standards’ for wind turbine tower design.

Another area in which existing American codes fall short is avigmg the design wind
speed. The ASCE 7 (Structural Engineering Institute, 2005) spergfigsnal wind speed
through the use of its “Basic Wind Speed” map, reproduced in Figure 1s3m&lpi gives the
3 second wind speed at 33 ft (10 m) elevation. While the basic windissmdange
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drastically alongthe coasts (largely due to the occurrence of hamas), the map giv a
reference speed that is essentially constant thiautghe interior of the United States. T
may be sufficient for building construction, buidgtnot detailed enough for wind turbii as

they will be located in regions of high, and thereffavorible, wind speed.

f - P 90(40)
i . 100(45)
: T T : 3 110049)
7g . I :
i : ] : _ 120(54)
1 . j-—< i _
H
B
1 || 1
P i
| a
; ? ] X el 130(58)
il A ]
- ! 140(63)
L)
L3
L v 130(58)
140(63 140(63
140(63) "~ {50(57) 63 (63)
152(67)
Special Wind Region
30(40) pe 9
100(45) ]130(58) Location Vmph (mis)
110{491120(54) Hawaii 105 {47)
Puerto Rico 145 (B5)
Guam 170 (76)
Virgin Islands 145 (65}
American Samoa 125  (56)
Motes:

1. Values are nominal design 3-second gust wind speeds in miles per hour (m/s)
at 33 ft (10 m) above ground for Exposure C category.

2. Linear interpolation between wind contours Is permitted.

3. Islands and coastal areas outside the last contour shall use the last wind speed
contour of the coastal area.

4. Mountainous terrain, gorges, ocean promontories, and special wind regions
shall be examined for unusual wind conditions.

Figure 1.3 ASCE 7 Basic Wind Spee Map Produced by ASCE 7(Structural
Engineering Institute, 2005)

When compared to a map of the United States’ wasmburces, as presentedFigure 1.4,
there is a large variation in wind speed that tIi®&CK 7 does not account 1 Other codes,

such as IEC 61400-(international Electrotechnical Comission, 2(, specify wind spee
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based on turbine class and turbulence characteristics. This iseaapopriate method,

since the wind class inherently takes into account the turbine’s design windyelocit

o 10m (33t S0m (164 &)
PO WIND POWER SPEED WIND P OWER SPEED
CLasSS w2 mig W2 mig  mph
¢ T ™ D ; - 108 - 44— 8.4 200 - B8 —125
== 5 - 150 - 51— 1.5 300 - &4 143
‘fﬁ 3 - 200 - 55125 400 - e 157
I&\ g - 250 - 6013 .4- 500 - -T5 168
W = 300 - B4 —143—— BO0- a0 178
7 400 - T.0 157 00 - - 88 - 19.7
1008 - -84 24 2000 - 148268
AIDGE CREST ESTIMATES (LOCAL RELIEF » 1000 FT)

Figure 1.4: The United States' Wind Resource Map (Evolve Green, 2010)

While a unified American standard would be ideal to deal with tissses, such a document
does not exist at this time. As a result, a combination of Aareand European standards is

being used to complete the tower design today. More detail on tlaeskugls can be found

in Section 2.3 of this thesis.
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1.3.2 Steel Towers
The most common choice for wind turbine towers i

today's market is tubular steel sections. Typical ste
towers can be seen in Figure 1.5. Steel has b
frequently used because of its excellent streng
properties and lower weight strength to weight rati
A tubular steel section can be continuously taper
and its wall thickness varied, resulting in a ver
efficient use of material. Steel, in general, is a decti
material, experiencing large deformations befor
failure of a section could occur. However, there a
several challenges associated with the use of st

towers.

One of the most cited problems with steel is th
transportation concern. Steel towers are typical
composed of two or more tube sections, stacked on Figure 1.5: Steel Wind
of each other. These sections are bolted or welde Turbine Tower
form a complete tower. Since all steel is pre-manufacturea ralling mill, it must be
transported to the project site by truck or train. A typicahgportation set-up can be seen in
Figure 1.6. However, due to highway clearance issues, the diaofetetube section is
limited to 14.1 ft (4.3 m) (Brughuis, 2004), which is the approximate d&mué current
262-ft (80-m) tall towers. Demands for increased hub height req@et tstbes of larger
diameters. As a result, transportation limit puts a practical bn hub heights for steel of

around 328 ft (100 m) (Brughuis, 2004).

Another challenge of steel tower transportation is the longnaisfaand therefore the added
cost associated with bringing the tower to the project siteoriing to a study completed by
Global Energy Concepts LLC (Smith, 2000), in order to construct wind tsrlwibin the

Midwest state of South Dakota, towers may have to be transpootedas far as Texas or

Louisiana.
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Figure 1.6: Typical Wind Turbine Tower Transportation Configuration

According to LaNier (LaNier, 2005), towers have been shipped from ©hikarea to meet
demand. Given these extreme distances and the specialized natamenfconstruction,
transportation constitutes a significant portion of the total @vsh fwind turbine project. As
mentioned previously, for a 3.6 MW, 328-ft (100-m) tall wind turbines, tweet could

easily cost $195,160 just to transport (LaNier, 2005) to the project\é@#e the diameter of
steel turbine towers to increase beyond the 14.1 ft, this cost waaldl@stically increase

because new, more complex transportation methods would need to be devised.

As mentioned earlier, wind turbines are subjected to loads that e¢ndstengineering
structures do not experience. While steel is considered a lighihtwmriilding material due to
its high strength, it is vulnerable to fatigue. Consequently,uat@pncerns govern the design
of steel towers (LaNier, 2005). The most important factor indatig the stress range that
the material is expected to experience. For a smallasstagge, a structure is more damage
resistant. Therefore, a thicker shell would see smaller strasations, and be less
susceptible to fatigue. It should also be noted that, for fatigue, &8 jga common design
life (DNV/Risg, 2002). In terms of civil engineering structures, this ig short.
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1.3.3 Concrete Towers
While concrete is nearly ubiquitous in the world of civil enginegrit is strangely absent
from the wind turbine industry. While interest in concrete has bisemy in recent years, its

popularity is still secondary to steel. As with any material, concreté$pros and cons.

One of concrete’s major strengths is its ready availabilihere are many concrete plants
throughout the United States. Where cast-in-place concrete rebpuigesure times, precast
concrete technology facilitates a rapid construction and eregtiooess. Additionally,
precast concrete has excellent quality control, minimizing mat@nd construction flaws.
Due to the high concentration of precast concrete manufacturess, diatances and thus
transportation costs can be greatly reduced. According to the P@erasete Institute, most
projects utilizing precast technology are located within 200 miles of the teptaat (Shutt,
2004).

Like steel towers, precast concrete towers are typicallpposed of multiple sections,
stacked to complete the structure. However, rather than being monolitipcetast sections
can use modular (i.e., made up of multiple pieces) construction. Iprusce, modules will

then be bolted or post-tensioned together to form a complete crtiss s€bis method has
several important advantages. Firstly, only several unique piecegedled to construct the
entire tower. This allows precasters to construct only a femdan order to complete a
tower. Secondly, since each individual piece is small, they camabkes on a truck and
transported using conventional means. This eliminates the need tualiged trailers and

reduces transportation costs. The simplified transportation, asasvatiodular construction

technique, can be seen in Figure 1.7.

Another beneficial aspect of concrete is its ability to besi@ssed. Prestressed concrete
members are more slender than those constructed from reinfmerckte. They are lighter
and optimize the use of both steel reinforcement and concrete. Mqrgoestressed
concrete is designed to remain uncracked and is typically sedjericonstant compression
under service loads. This greatly enhances the fatigue lifeeo€dncrete (LaNier, 2005).
The tendons used in these members are also more resistangue thtan welded tubular
steel (LaNier, 2005).
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Figure 1.7: Precast Concrete Tower Transportation and Erection (Gruporineo, 2008)

One disadvantage of concrete compared to steel is the necdssigng thicker shell

members. This implies increased structural weight. Heavreictates require a larger
foundation and added cost. In seismic areas, heavier structurdsaddy larger forces in an
earthquake than a lighter structure. These challenges can bech#mdlugh design, but they
add cost to the project. Although a greater volume of matedaldwmeed to be brought to
the project site for concrete as compared to steel towergogticould be mitigated through
the use of conventional transportation means due to the modular nature of pregast des
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1.3.4 Hybrid Towers
The third option that has been practiced in th

wind energy industry is the hybrid wind tower.
For the purposes of this thesis, the definition @
hybrid will refer to a tower composed partially
of tubular steel at the top and partially of
concrete at the base. An example of a hybrid
tower can be seen in Figure 1.8. As previousl

N

mentioned, economical steel section size i 2

Total tower 110+ M
—

limited by transportation concerns. To “g

overcome this problem, hybrid towers employ:

a concrete base or pedestal. The conventional <

steel tower is then placed on top of the base. )
. . _ _ Figure 1.8: lllustration of the
This serves to increase hub height while Tindall Atlas CTB Hybrid Tower

avoiding unwieldy large steel sections. (Tindall Corporation, 2009)

This hybrid tower design seeks to capitalize on both the advamhgescrete and steel.
Compared to concrete, the hybrid tower has a lighter weight. i Hesvorable because it
reduces seismic weight. Additionally, a smaller foundation is sacgslue to the decreased
dead load as compared to an all-concrete tower. LaNier (2005) widigeserection of a
hybrid tower could also be quicker and cheaper than that of apfaltast concrete
alternative. However, this would likely depend on the tower heighthengroportion of the
tower utilizing concrete. Compared to a full steel tower, thasportation cost would be
decreased where greater than 80 m (262 ft) heights are needed gAlth@uvane would be
needed to erect the precast sections and steel tube, it wouldalber shan one needed to
erect a very large steel section. There is also the paysibdt the top steel section could be
jacked into place (LaNier, 2005).

Hybrid towers also have their challenges. As with steel towibe tubular steel top could

potentially need to be transported over long distances to the piitgedlso, the use of two
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materials means additional coordination and two lead times, tlhencontractor’s point of

view.

1.4 Ultra-High Performance Concrete Towers

Due to the multitude of tower options available, it is clear thatwind turbine market is
constantly evolving. While the current practice of using stesline towers has helped to
shore-up U.S. wind energy production, there is still room for improvenmehtnamovation.
New tower construction materials have great potential to advdmecetate of the wind

industry. One such material is Ultra-High Performance Concrete (UHPC)

1.4.1 Introduction to UHPC

Ultra-High Performance Concrete (UHPC) has been defined byHWA as concrete
meeting eight performance characteristics: “freeze-ttdawability, scaling resistance,
abrasion resistance, chloride penetration, compressive strength, usiooiulelasticity,
shrinkage, and creep” (Tang, 2004). A simpler definition is rendered Ry &ith Weiss:
concrete with 28-day compressive strength of 21.8 ksi (150 MPa) (Shateigs, 1998).
This impressive strength is achieved through the elimination oftddafethe concrete micro-
structure. What results is an extremely dense product, capable of compreesyths in the
range of 21.8 to 30 ksi (150-207 MPa) (Vande Voort et al., 2008). One benefit of UHPC is its
increased durability. More importantly, from the standpoint of congttetures, a large
level of prestressing can be applied safely to UHPC. The desiglications of increased
prestressing are elegant, slender structures and substaatéxlaisavings as compared to
regular strength concrete. Due to the harsh environments and higipari@tion costs
typically associated with wind turbines, the above advantages make biiiél€al candidate
for tower design.

1.4.2 Benefits of UHPC for Wind Turbine Towers

One of the most impressive characteristics of UHPC isxtsemely high compressive
strength. The advantage of prestressing in regular strength otmsers has already been
discussed in Section 1.3.3. UHPC would retain and amplify those bengfds.rBuch more

prestressing can be applied, a reduced quantity of UHPC can besiset)ared to regular
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strength concrete towers. Although, like normal strength concrete, UHEGIi&etcapacity is

small in comparison to its compressive strength, prestressing neatlsteps this issue.

With the modular construction techniques already employed by thetindusiPC sections
would be even more transportation friendly. Many sections could be dtacka single
truck, and the associated transportation costs would be significantly reduced.

While UHPC has a slightly higher weight (155 [B/f24.4 kN/ni]) (Vande Voort et al.,

2008) regular strength concrete (150 pcf [23.6 kifymvith the material reductions, UHPC
structures would weigh much less than regular strength cont¢rettuses. In fact, UHPC
members are comparable in size to steel (Vande Voort et al., Z08)Ner cranes would be

needed to lift the lighter pieces into place.

1.4.3 Challenges of UHPC for Wind Turbine Towers

While UHPC is a material with great potential, it does haxeeal challenges that a new
design would need to overcome. UHPC is a new material, and themedoeeexpensive than

regular strength concrete on a per unit basis. Any new design waddmeompensate for

this through the use of less material and optimized transportation.

While UHPC is not as widely-available as regular stremogthcrete, UHPC wind turbine
towers represent a potential opportunity for precasters everywWamne a viable UHPC
design presented, local precasters could become certified to l#fBI€, allowing them to

tap into the wind turbine tower market.

1.4.4 UHPC Shell Towers

One option for the use of UHPC would be to create a shell out of UskiR@ar to tubular
steel or current concrete towers. The shell tower would uglizstressing, thereby taking
advantage of UHPC'’s high compressive strength. The prestyessid consist of pre- or
post-tensioning. By post-tensioning the tower together, intermediaeections between

tower cross sections could be eliminated, as post-tensioning would form theseioasnect

In terms of wall thickness, UHPC would be somewhere betwissh and regular strength

concrete shells. The structure would be modular, consisting of mulspgions
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longitudinally and perhaps circumferentially. As discussed in Sett#2, modularization
would contribute to simplified transportation and thus reduce transiparteosts. This
design would not represent a significant departure from currentatertower construction

methods, so contractors should be able to easily incorporate the concept.

1.4.5 UHPC Lattice Towers

The most effective use of a completely new material is noggsarily to replicate existing
design concepts. According to Tang (2004), “ultra high performaonerete ...is a new
material. It is not really concrete anymore. It also hasstablish its empire of applications”.
Other possibilities do exist for UHPC towers besides shells. dlirenative is the UHPC
“Lattice” tower. The Lattice tower would consist of six or mbéhidPC columns, oriented in
a circular arrangement. Each of these columns would be pre- otepsgined (bonded or
unbonded), in order to employ UHPC’s high compressive strength. The rolould be
braced (using steel, concrete, or UHPC members) to eachattirdermediate heights in
order to increase rigidity, tie the structure together, and préwakiing. Alternatively, thin
concrete panels could span between the columns, eliminating theondedding. Another
variation on this concept would be for the columns to be confined in thledhsteel shells,
thereby drastically increasing the concrete’s compressiveitgpbhis is commonly done in

seismic and seismic retrofit of existing structures.

The lattice tower would represent several significant advantagasconventional designs.
Since UHPC is used more efficiently than in a shell stractilmere could be a considerable
reduction in material. The lattice sections would also be estsibked and shipped, resulting
in the further reduction of transportation and site development costde Widould be
argued that the lattice concept is not as aestheticallyipdgaiscould easily be covered with

structural fabric.

1.4.6 UHPC Sustainability

In today’s construction environment, sustainability is an importantideration for any
project. UHPC has the potential to bring further sustainabilityita turbine tower design.
Because concrete production constitutes 4% of aly @&eased annually (Sritharan, S.,

2009), it is important to use the material as efficiently asilplessSince UHPC reduces the
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amount of concrete needed for each tower, it could be consideredsosiagnable than

normal strength concrete.

UHPC is also a very durable material and towers design wihnthterial would easily last
much longer than the 20 year design life typical to turbines. Waper maintenance it is
not unreasonable to expect UHPC towers to last 60+ years. Titeer@fohe end of a turbine
life, the tower could be fitted with a new turbine and continue to bamend energy.
Alternatively, the tower could be sold, disassembled, and used elsewleeee wind
conditions to change significantly. Both of these options have the potentiabstically
increase the total value of a UHPC tower. In contrast, a tsteel’s lifespan is effectively
matched to its original turbine. After 20 years, the steel tower can no loagesed and must

be disassembled due to fatigue governing the design.

Additionally, the rapid construction associated with modular, precasgndéschniques
would reduce construction time. The impact on surrounding areas duringuctiogt

including noise, dust, and traffic delays would thereby be minimized.

1.5 Scope of Research
The research goals of this thesis include:

e Investigate the applicability of UHPC in wind turbine tower design

e Complete detailed designs using a UHPC circular shell tower dndRC
lattice tower

e Further investigate and validate the UHPC Lattice design using Eiement

computer software

1.6 Thesis Content
The remainder of this thesis investigates the applicabilityPO as a viable material for
wind turbine towers. The thesis is organized as follows:

e Chapter 1: An introduction in the rise of wind energy as a viable powe
source, the need for taller wind turbine towers, the limitatioruotnt steel

towers, and alternative options for taller tower designs.
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Chapter 2: Complete literature review of UHPC as a buildingemadtand
wind turbine tower design, including loading, limit states, applecabl
specifications, and a design study.

Chapter 3: A preliminary design of a 328-ft (100-m) steel and regtriength
concrete wind turbine tower.

Chapter 4: A preliminary design of a 328-ft (100-m) UHPC Shedl dHPC
Lattice Tower.

Chapter 5: Finite element analysis verification of the 3228-ft-(pQWHPC
Lattice Tower at service-level loading.

Chapter 6: A summary of the completed research, conclusions #rat w

drawn, and suggestions for future research.
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2 LITERATURE REVIEW

2.1 Overview

The following is a discussion concerning the material propertiesyioehand past uses of
UHPC as a structural building material. This is necesaatyHPC is currently establishing
itself as an alternative construction material. As a tethére is no U.S. UHPC equivalent to
the ACI 318 (2008) for concrete and design information must be collesd rhultiple
sources. Similarly, as no U.S. document exists concerning dheofssues necessary to
design wind turbines, information regarding loading, limit states, sairehgth has been
collected. Since designs will be completed for steel, concrete URRIC towers, design

information has been compiled for all three building materials.

2.2 UHPC

Although the name Ultra-High Performance Concrete is used broadigfine concrete
possessing compressive strength greater than 21.8 ksi (150.3 MP&)Sktmeider, 2002),
the type of UHPC described within this document is more spebibre precisely, UHPC is
defined as a “densified system with ultra fine particles (DSP)” (Vafuet et al., 2008).

Additionally, UHPC can be separated into categories based onmtmeufacturer:
“Ceracem/BSI, compact reinforced composites (CRC), multes@ement composite
(MSCC), and reactive power concrete (RPC) (Vande Voort.et2@D8). Between these
mixes, the main differences are the inclusion or exclusion of ecagygregates and the
amount of steel fibers used in the mix. The only type of UHPCutbed coarse aggregates is
Ceracem/BSI. As lowa State University (ISU) has previousrexpee with RPC mix and it
is readily available, the literature review focuses on this UHPCtyarie

2.2.1 Material Composition

The typical components of a UHPC mix design include sand, cemiesd, faime, crushed
quartz (quartz flour), superplasticizer, water, and fiber reiefaemt. Typical ranges for the
above components can be seen in Table 2-1 and Table 2-2. It should d¢habdteoarse
aggregate has been eliminated from the RPC mix design, and theteés not appear in the
tables.

www.manaraa.com



As mentioned by Vande Voort et al. (2008), the strength of theriadate derived from its

increased density. Therefore, the particles should not be expediedpcked in the same

manner as regular strength concrete. In order to achieve thsstydedJHPC uses “space

packing”, as opposed to Apollonian packing. This is achieved by having layraeéd

distribution of particles (Vernet, 2004). All particles used withinrtie are separated into

classes. Each consecutive class has a mean particle diafmatéeast 13 times the previous

class (Cheyrezy & Richard, 1995).

Table 2-1: Component Ranges for a Typical UHPC Mix (Vande Voort et al., 2008)

Component Typical Range of Weight (Mass) per ft(m°)
Sand 31-871b (490 — 1390 kg)
Cement 38 —-671b (610 — 1080 kg)
Silica Fume 3.1-211b (50 — 334 kg)
Crushed Quartz 0—-261b(0-410 kg)
Fibers 2.5—15.5 Ib (40 — 250 kg)
Superplasticizer* 0.6-451b(9—-71kg)
Water 7.9-16.31b (126 — 261 kg)

*Superplasticizer is expressed as the weight of the solididracthe liquid fraction is

included in the water weight

Table 2-2: A Typical UHPC Mix Design (Cheyrezy & Behloul, 2001)

Weight per Cubic _ _
Component Mass Ratio/Cement Volume Fraction
Foot (Meter)
Sand 61.9 Ib (991 kqg) 1.430 38.8%
Cement 42.3 1b (693 kg) 1.000 22.7%
Silica Fume 14.0 Ib (225 kg) 0.325 10.6%
Crushed Quartz/Fly
13.0 Ib (208 kg) 0.300 8.1%
Ash
Fibers 9.4 1b (151 kg) 0.218 2%
Superplasticizer* 0.90 Ib (14.4 kg) 0.021 1.4%
Water 9.9 Ib (159 kg) 0.229 16.5%

*Superplasticizer is expressed as the weight of the solididnacthe liquid fraction is

included in the water weight
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The following is a discussion of the common constituents of UHPC.

Sand

In UHPC, sand is the largest aggregate size used. Tiysiéally quartz sand, due to its low
price and excellent strength characteristics (Cheyrezy éhdRd, 1995). The use of sand
serves to increase the homogeneity of the concrete, cremtmixture with a relatively
constant Young’s modulus. Additionally, since micro-cracking within threecd paste is
dependent on aggregate size, the use of sand significantly retacgige of micro-cracks
compared with regular strength concrete (Cheyrezy & Ri;HEI95). The sand used has a
typical mean diameter size of 0.00984 in. (25%).

Cement

UHPC does not require any specialized cement. Alternative ntem&uch as high-silica
modulus, have been shown to have superior “rheological characge@sttc mechanical
performance” (Cheyrezy & Richard, 1995) and require less watevetr, they necessitate
significantly longer curing periods. Cheyrezy (1995) also ndtas cement with low €A

content performs better than that with high concentrations.

Unlike regular concrete, as much as 50% of the cement (Ve&t@ed) within the UHPC
remains anhydrous, even after curing is complete. Later inetivece life of the structure,
this cement could become hydrate and self-repair micro-cthek$rave formed throughout
the structure. Additionally, the anhydrous cement has a much higiséicehodulus than the
hydrated portion: 17,400 ksi (120 GPa) (Vernet, 2004) versus 7,250 ksi (50 GEwey
& Richard, 1995). The result is a stronger matrix than if althef cement was hydrated.
However, this must be balanced against the need for cohesion ofxthprovided by the
hydrated portion.

Silica Fume

Silica fume is necessary in UHPC for multiple reasons,dastified by Cheyrezy and
Richard (1995). The space packing utilized by UHPC requirestelpasize smaller than

cement, around 7.8 in. (0.2um) in order to fill the matrix. Silica fume also improves the
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rheological characteristics of UHPC because of its sphesiegbe, allowing for enhanced
workability. Finally, it provides secondary hydrates, through #setion of silica hydrates
with CA(OH,) (Vande Voort et al., 2008). As a percent of concrete, 25%a dilime to
cement is often used. This exceeds the 18% needed to carry out Hodapiozreactions
(Vande Voort et al., 2008), as well as provides for a very dense Gtieyrezy and Richard
(1995) also note that since some cement remains anhydrous, the pozeedation will
actually require less than 18%. Compacted silica fume cannotedeimgonjunction with
UHPC, in order to ensure the absence of aggregates. Additionallysénhslurry is not
possible since its high water content would significantly affiaet concrete strength
(Cheyrezy & Richard, 1995).

Crushed Quartz (Quartz Flour)

Crushed quartz is added to UHPC primarily as filler. As mentigmedously, much of the
cement remains anhydrous in UHPC. Some of this can be sulostititte crushed quartz,
decreasing the quantity of cement needed (Vande Voort et al., 2008)guéhez used
typically has a particle size of 393174n. (10um). This is in the same class as cement, which
has a mean particle size of 433 — 59in. (11 — 15um). Heat-treating demands this
similarity because it requires cement (or cement fjllesshave mean particle diameters of
197 — 984u in. (5 — 25um) in order to be effective (Cheyrezy & Richard, 1995).

Superplasticizer

Superplasticizer is used within UHPC in order to increase thkabiity of the material. As
mentioned previously, many of the cement particles remain anhydithike this increases
the strength of the mix, it has a detrimental effect onflihdity of the concrete. When
superplasticizer is added to the mix, the surface tension of tiee iwdowered (Morin et al.,
2001), allowing for a better distribution of water. In turn, this enbartbe fluidity of the
mix. According to Richard and Cheyrezy (1995), a superplastioitier ontent of 1.6% of

cement content is most favorable.
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Water

For DSP concrete, the goal of the mix design is to ensuery dense product. To
accomplish this, water content is chosen to provide the maximativeetiensity (defined as
the ratio of the density of the cured concrete to the density grameillar mixture without air
or water). This is achieved when the water replaces all oérib@pped air in the mixture.
Further addition of water serves to only increase the overall voiume. According to
Vande Voort et al. (2008), this optimum is a water-to-binder (birsddefined as cement and
silica fume) ratio of 0.13. In practice, there is an acceptalnge, both above and below the
optimum content. However, the portion of the range above the optimum hassedr
workability versus the range below. Therefore, an ideal mix has er-teabinder ratio of
0.13-0.14. This is well above the minimum recommended water-to-bin@d®hecessary
for workability (Cheyrezy & Richard, 1995).

Fiber Reinforcement

A commonly cited concern of UHPC is

its decreased ductility when compared t(
regular concrete. Plain UHPC exhibits
only linear and elastic behavior i
(Cheyrezy & Richard, 1995). Without an# Y
inelastic behavioral region, UHPC would§ ..
fail in a very brittle manner. In order to

overcome this challenge, the addition off

steel fibers to the UHPC mix is a ‘i L9 P, :im:,"

commonly accepted practice. The fibers _
Figure 2.1: An Image of a Ruptured

increase the toughness of the material by Carbon Fiber (Reda, Shrive, & Gillot,
bridging the micro-cracks within the 1999)

concrete. Additionally, fibers improve the tensile performance l8P0O. A bridging of a

micro-crack can be seen in Figure 2.1.

Orgass and Klug (2004) list the following fiber types, along with uses:
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* “Steel Fibres:
- Increase of fracture energy, subsequent improvement of ductility
- Increase of strength (both compressive and tensile strengths)
- Reduction of tendency for cracking”
* “Polypropylene Fibres (PP fibres):
- Decrease of microscopic crack growth with high loading
- Enhanced fire resistance
- Decrease of early shrinkage”
* “Glass Fibre:

- Reduction of internal stresses within young concrete”

Multiple studies have been done to determine the ideal percentagelditstrs in a UHPC
mix. Cheyrezy and Richard (1995) propose that 2% by volume is the optamount.
Orgass and Klug (2004) agree with this result, proposing 2%eaapper limit for ductile

behavior.

Typical fiber sizes include 0.25 in. (6 mm) long, 0.006 in. (0.15 mm) diaraete0.5 in. (13
mm) long, 0.006 in (0.15 mm) diameter fibers. Orgass and Klug (28sBrved excellent
ductility using half 0.25 in. fibers and half 0.5 in. fibers. CheyrezyRiontard (1995) noted
that longer fibers influence ductility, while shorter fibersuefice compressive and tensile
strength. It is suggested a mix of the two would provide both ductliy enhanced

mechanical characteristics.

2.2.2 Material Behavior

Compressive Behavior

A typical range for compressive strength of unconfined UHPC i8-21L9 ksi (150-220
MPa) (Fehling et al., 2004). Without fibers, UHPC exhibits nearlye plimear-elastic
behavior under compression. When 70-80% of the peak stress is reacheupdiies
becomes nonlinear (Fehling et al., 2004). At failure, no strength logssod his results in a
sudden, explosive failure with little warning. A representatikesststrength diagram can be

seen below.
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~070-
0.80f,

Compressive stress

Concrete strain

Figure 2.2: Stress-Strain Relationship of Non-fiber ReinforcedUHPC (after Fehling,
Bunje, & Leutbecher, 2004)

The compressive strength of UHPC is largely gained by itsederagrix and low water-to-
binder ratio. However, several other factors affect the compeessength as well. These
factors, discussed below, include the addition of steel fibers, te@dinent, and confining

pressure.

While fibers are typically added to concrete in order toeiase its ductility, they can also
have an impact on its compressive strength. However, the actnadegans to have a large
range. According to Vande Voort et al. (2008), the average dtragagh is 30% for the
addition of fibers. Others report a strength gain of only 15% (Felefirgy., 2004). Vande
Voort et. al (2008) also note that steel fibers have more of an effect tharcdigers.

Heat treatment is another technique used to increase the comgrsissngth of UHPC.
Strength is gained primarily through the reduction of the UldR®©rosity (Vande Voort et
al., 2008). With a standard heat treatment of 190 °F (90 °C) for 48 howrgeyge gain of
33% compressive strength is obtained, based on 15 different studiede(Woort et al.,
2008). Graybeal (2006) reports a gain of 53% for 190 °F (90 °C) for 48 &ndra gain of
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35.5% for 140 °F (60 °C) for 48 hours. According to Fehling et al. (20@8t treatment

also increases the rate of strength gain for UHPC.

Of all methods to improve compressive strength, confinementriently the most effective.
Confinement can either be applied during curing of the concreteglags through the use
of steel tubes. The two can be combined for large increasegmytstr According to Vande
Voort et al. (2008) the use of 7.3 ksi (50 MPa) confining pressure guiatketo improve the
strength qualities. Both of these techniques were used in the diagensbers of the
Sherbrooke Bridge (see Section 2.2.3), resulting in 50 ksi (350 MPa) ssmprstrength.
This represents a 67% increase versus the non-confined portions of the bridge.

Tensile Behavior

As with regular concrete, UHPC without fibers exhibits a vengtlértension failure.

According to Fehling et al. (2004), the tensile strength of UHRBowt fibers ranges from
1.0 to 1.5 ksi (7 to 10 MPa). The addition of fibers somewhat imprdwesstrength,

increasing to as much as 2.2 ksi (15 MPa). Based on direct teasie Graybeal (2006)
reports the strength of fiber reinforced, steam-treated (190 °f;,9%r 48 hours) UHPC in
the range of 1.4-1.6 ksi (9.7-11.0 MPa). Without the steam-treatmentdatagports the
tensile strength of UHPC as 0.8-1.0 ksi (5.5-6.9 MPa). From thesksrdt can be inferred

that steam-treatment benefits the tensile strength, as wkb asinpressive strength.

While increasing tensile strength, the biggest benefit of therdiis to introduce ductile
behavior to the concrete. After cracking, the fibers bridge tleeoraracks, preventing brittle
fracture. However, this is also associated with a loss in s$krembis is discussed in more

detail in the following section.

Flexural Behavior

In general, flexural tests are performed on concretéosscas an alternative, albeit indirect,
way to characterize tensile behavior. Flexural tests provide blaeluasight into post-
cracking behavior of UHPC. Figure 2.3 shows the stress versusceis@at behavior of

fiber-reinforced UHPC, including the effect of different fiberentiations. It is clear from the
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graph that the flexural behavior of fiber-reinforced UHPC isialiyt linear elastic until
cracking begins to occur. The behavior then becomes nonlinear and doadues to
increase. After the ultimate load is reached, there is a gratlap in strength until fiber
fracture occurs. The strain-hardening and the drop-off phaseduar¢o the inclusion of
fibers in the matrix. As mentioned previously, they bridge micazis and allow for
loading past the cracking point. As expected, flexural stheisgtiependent somewhat on

fiber orientation.

good fibre direction

bad fibre direction

Range of possible descending
depending on fibre amount and fibre

orientation

Bending tensile stress

> Crack opening

Figure 2.3: Bending Stress vs. Displacement for Fiber-ReinforcddHPC (after Fehling,
Bunje, & Leutbecher, 2004)

Elastic Modulus

As UHPC is a cutting edge material, standardized equations doxisbtt@ describe its
modulus of elasticity, such as those found in ACI-318 for regular skreogncrete.
However, research has been done to characterize this aspgetP&@. Several of these

equations are listed below, collected by Vande Voort et al. (2008).
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E = 50,000,/f/ (psi) (Sritharan, Bristow, & Perry, 2003) (2-1)
E = 4150./f!(MPa)
E = 46,200./f! (psi) (Graybeal B. , 2006) (2-2)
E = 3840,/f/(MPa)

E =2,373,400In f; — (Ma & Schneider, 2002) (2-3)
468,910 (psi)

E =16,3641n f! — 34,828 (MPa)

whereE = elastic modulus; and

f. = 28-day compressive strength.

Based on analysis done by Vande Voort et al. (2008), the equation priyydSealybeal has
the best correlation with tested values. For the calculations dooegtiout this report,
Graybeal’s equation will be used to determine the modulus ofatpasif UHPC with 2%

steel fibers.

Poisson’s Ratio

Multiple researchers have established a range for PoisstioofdJHPC. Vande Voort et
al. (2008) report a range from 0.15 to 0.22. Gowripalan and Gilbert (200@ eepbrt by
the Japan Society of Civil Engineers (2006) suggest a value of 8gpiispriate for design
purposes when no test data is available.

Stress-Strain Characterization

The stress-strain behavior of UHPC is still the subject of oggevaluation. However, a
model of the compressive behavior has been suggested by Gowapaaailbert (2000).
Their proposed model is tri-linear, with elastic behavior untilrasstlevel of 0.85f a

perfectly plastic region extending until a strain of 0.004, and arlindacreasing strength

until an ultimate strain of 0.007. This relationship is graphed in Figure 2.4.
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Figure 2.4: Fiber-Reinforced UHPC Compressive Stress-Strain Maa (Gowripalan &
Gilbert, 2000)

A model has been developed by Bristow and Sritharan (to be publishdijrazterize the
tensile behavior of UHPC. This model has four distinct regions ofvibmhdach region is

defined by an equation and applies to the given strain limits.
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Figure 2.5: Fiber-Reinforced UHPC Tensile Stress-Strain ModelBristow and
Sritharan, to be published)
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fe =Ece for e < flE. (2-4)

PN (fremax — fie) (€ — fre/Ec)  for fi,E. < & < 0.0014 (2-5)
Lot 0.00125

ft = fremax for 0.0014 < & < 0.0024 (2-6)

ft = fremax — 0.6721Ine — 4.062 € > 0.0024 until f; = 0 ksi (2-7)

Wheref, = tensile stress;
E. = the Elastic Modulus, recommended as 8000 ksi (55,000 MPa);
¢ = tensile strain;
fr.— €lastic tensile strength, recommended as 1.3 ksi (9.0 MPa); and

fimax = Maximum tensile strength, recommended as 1.7 ksi (11.7 MPa).

In Figure 2.4 and Figure 2.5, the value Byf was taken as 7450 ksi (51,400 MPa), from

Equation (2-2). The recommended tensile strain limits were utilized in Fidgure

2.2.3 Applications

Although UHPC is generally a new material, there have beenpteultses of it in the United
States and throughout the rest of the world. As previously mentioned, UsifPast
effectively used when new concepts are created that take advantage afuessirengths. In
fact, UHPC members have been created that match not only thatgapat the overall
dimensions of steel members (Vande Voort et al., 2008). The appicatetailed below
demonstrate both the successful applications of UHPC, as wibk aseative way in which
it was employed. All figures for the corresponding projectspaesented at the end of this

section.
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Sherbrooke Footbridge

The Sherbrooke footbridge was completed in Quebec, Canada, in 1997. Bigure
demonstrates how UHPC can be effectively utilized in new wayker than revising old
designs. The bridge was constructed with RPC, with a total spgthlef 197 ft (60 m). The
bridge is designed as open truss. RPC’s high strength allondethketo serve as the top
chord of the truss. The bottom truss chord consists of two identiaaidyeeach containing
two prestressing tendons (Vande Voort et al, 2008). The RPC uske detk and bottom
chord has a compressive strength of 29 ksi (200 MPa). The diagenabers connect the
top and bottom chord of the bridge, and are constructed of 0.08 in (2hicknsteel tubes
containing RPC (Blais & Couture, 1999). Vande Voort et al. (2008) repervfufese tubes
increased the effective compressive strength of the RPC to $83sMPa). Each diagonal

contains two %z in. (13 mm) diameter unbonded tendons.

Seonyu Footbridge

The Seonynu Footbridge, or Bridge of Peace, was constructed gwddan River, in Seoul
South Korea and completed in 2002 (Williams, 2002). The bridge uses a(320 ) arch,

consisting of 6 pi-shaped RPC precast segments. These segneeatthen joined using
grouted post-tensioning (Ricciotti, 2005). As noted by Vande Voal €2008), the use of
UHPC allowed for the creation of a very slender arch, as seEigure 2.7, something that

could not be accomplished using regular strength concrete.

Sakata Mirai Footbridge

This bridge (seen in Figure 2.8) was completed in Japan in 2002 anthevéisst use of
UHPC in the country. It uses a 7.9 ft (2.4 m) wide, 164 ft (50 m) baagn that is externally
prestressed. The bridge was constructed using pre-cast segnmehthieause of UHPC
allows it contain no “passive reinforcement” (Resplendino, 2004). As cechpara regular
strength concrete bridge, the innovative design resulted in a 25%ioedat self-weight
(Tanaka et al., 2009). This lead to a decrease in required foundatierasit provided a cost

savings of 8%.
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Bourg-lés-Valence Bypass Bridges

The Bourg-les-Valence Bypass bridges were the first exaat bridges to be constructed of
UHPC (specifically the Béton Spécial Industriel UHPC). Theyenbuilt during 2000-2001
by Eiffrage through a contract with the French government.désgn consists of two side-
by-side bridges, each with two span lengths of 72.2 ft (2Zexh bridge is supported by 5
pi-shaped UHPC girders, seen in Figure 2.9. The pi-girders atensiened, and are linked
with longitudinal, cast-in-place UHPC joints (Hajar Ziad, Simon, & Petitj004).

This bridge is significant because it is a first step tow#tdsuse of UHPC in major bridge
projects. Although pedestrian bridges were constructed before the BstvVglence Bypass
Bridges, this bridge leads the way for UHPC as a major building material

Mars Hill Bridge

The Mars Hill Bridge represents a major step for UHPChenWnited States, as it was the
first UHPC bridge used on a public road. The bridge was compiet2806 and utilizes
bulb-tee girders. The bridge spans 108 ft (33 m) with three gir8graising UHPC, the
flanges and webs of the girders were able to be reduced inGiagbeal B. A., 2009). No
transverse shear reinforcement was used, as the girders stesie fiber reinforced.
Ductal/RPC was used to complete the project.

Jakway Bridge

Built in Buchanan County, lowa, the Jakway Bridge is a three-djpactige, with a total
length of 112 ft 4 in (34.2 m). Each span has three girders. Thgeloah be seen in Figure
2.11 and Figure 2.12. The center span of the bridge is constructed usi(@, WHile the
others use regular strength concrete. This bridge represamther foptimization of UHPC
through the use of innovative sections. While the Mars Hill Brigggs girder shapes that
have been modified for UHPC, the Jakway Bridge uses pi-girdecsfisplly developed for
UHPC applications. The particular pi-girder used is "& generation design. The"®2
generation shapes have been modified for improved load distribution arshsedr

transverse deck strength (Berg, 2010).
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Figure 2.6: Comparison of the new UHPC Sherbrooke Footbridge (left) and Steel
Truss Crossing (Blais & Couture, 1999)

Figure 2.7: View of the Seonyu UHPC Bridge in South Korea (Lafarge, 2009)
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Figure 2.9: UHPC Pi-Girders in the Bourg-les-Valences Road BridgeniFrance
(Vergoossen, 2008)
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Figure 2.10: UHPC Mars Hill Bridge in Wapello County, lowa (Keierleberet al., 2007)

Figure 2.11: Installation of the Second Generation UHPC Pi-Girder othe Jakway
Bridge in Buchanan County, lowa (Bierwagen, 2009)
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Figure 2.12: View of the Completed UHPC Jakway Bridge in Buchanan County, lowa
(Bierwagen, 2009)

The previously mentioned designs indicate the potential for UHPC, andnd&ate how
designs are evolving in order to fully exploit its strengths. Thetfat it has been used in
bridge validates it as a safe, viable construction material. #Amwehere many avenues yet
unexplored for UHPC beyond the scope of bridge construction. Wind tutbiness are one

such avenue.

2.3  Wind Turbine Tower Design

As with large structures, wind turbines towers must be desigmeal ¢ombination of loads,
satisfying both strength and serviceability limit states. Tdllowing section details the
sources of loading for wind turbine towers, necessary design $taies, applicable

specifications for determining loads and strength, and example design studies.

2.3.1 Sources of Loading
Wind turbines are subjected to a multitude of loading conditions throudt@uservice life.
These loads can be grouped into two categories: turbine loadsveerdaads. Turbine loads
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are defined as loads caused by the operation of the turbine, aayupheel to the tower at the
hub height. Turbine loads can be further separated into the followingodate (LaNier,
2005):

e “Aerodynamic loads from a uniform, steady wind speed and cegatiforces
generate a stationary load”;

e “A stationary, but spatially uneven flow field over the sweptaacauses
cyclic load changes on the turning rotor”;

e “The mass forces that result from the rotating rotor blade weiglise
periodic, nonstationary loads”; and

e “In addition to the stationary and cyclic loads, the rotor is expdeed

nonperiodic and random loads caused by wind turbulence.”

As these loading conditions are not all static by nature, ingoitant to know both the
amplitude of the loading as well as the excitation frequency.

Tower loads include the self-weight of the tower, the dead-weigtite wind turbine, the
direct wind force on the tower, and seismic acceleration osyiseem if applicable. The
direct wind force can be calculated as a static equividece (see more details in Section
1.1.1).

These forces give rise to the limits states discussed in the followitignsec

2.3.2 Limit States

In order to complete the design of a wind turbine tower, all napedisit states must be

identified. A limit state failure can have multiple definitiotsit implies the structure has
reached the limit of its usefulness. This includes, but is ndaelihto a collapse of the tower.
Therefore, some limit states are evaluated at factoredléwats, and some at service load

levels.

Strength

Strength limit states can either be satisfied by evialgiatervice level stresses and limiting

them to “relatively small fractions of the characteristiersgth of the component materials”
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(Naaman, 2004), or by evaluating a member’s ultimate capamityared to factored-level
loads. With prestressed concrete, it is common to design theustrugting the former
approach. One method is to prevent the development of tension aaywhee structure.
Alternatively, a limited amount of tension is allowed, such that cracking does nmt occ

If the structure satisfies the strength limit state fenviee level conditions, factored level
loads are applied and its ultimate strength can be checked.veigwece the service level
loads typically govern the design, the ultimate strength is ysledtl as a check. LaNier
(2005) identifies the following as pertinent strength limit stefier prestressed concrete

design:

e “Resistance to the design earthquake or wind load”;
e ‘“Zero-tension stress in the concrete under the service wind loads”; and

e “No failure during construction for temporary wind loads”.

For steel, Allowable Stress Design (ASD) or Load and Resistkactor Design (LRFD) can
be used. For ASD, sections are limited to elastic behavion@ndesigned for service level
loads. Therefore, the applicable limit states define yielding and budditige failure modes.
For LRFD, factored level loads are applied. Limits states wadldide excessive yielding,
fracture, and buckling. In the case of steel, buckling refers to dglotfal buckling of the

tower due to compressive loads, as well as local buckling of slender steghtlem

For both steel and concrete design, shear strength must be satisfied as well.

Fatigue

Due to the high number of cycles occurring during the lifetima @find turbine, fatigue
becomes a necessary concern in tower design. For both concretieelnwers, this limit
state needs to be addressed through a fatigue analysis. Famalysis, the total number of
cycles and corresponding stress range in the structural elemesds to be known. A
detailed analysis or codified approach can then be used to evalutaBghe strength of the

material. A method of high cycle fatigue is contained with GEB-Model Code 1990, and
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is discussed further in Section 1.1.1. Additionally, the Damage EquiViabaat Method is
described in Section 2.3.7.

Serviceability

In the context of wind turbine towers, the limit state of serlidiya refers to a limiting

deflection. As there are no specifications currently in the U.8otdd to wind turbine
towers, there are no standardized deflection limits. However, inadusiiimneys have been
built of concrete for years, and have similar design considera#@is307-98 is one such
specification, which includes recommendations on deflection limiterder to “reduce
effects of secondary bending moments” (ACI Committee 307, 1998¢diéd be used for
the design fo concrete chimneys. Additionally, some deflection controld be needed to
allow technicians to access and service the turbine withoutsgixeediscomfort. Code

deflections limits are discussed further in Section 2.3.6.

Dynamic Effects

Since wind turbines have multiple excitation frequencies, the ndtacalency of the tower
is an important design consideration. The most important of thegatexcfrequencies are
the blade rotational frequency, known as 1P, and the blade passing éseknewn as 2P or
3P, for a 2-bladed or 3-bladed turbine, respectively. “Soft tdwames typically designed
somewhere in between these frequencies, in what is termetasking range” (LaNier,
2005). It is suggested that this working range is bounded by 1P +&&66%P/3P +/- 10%
(DNV/Risg, 2002), resulting in a range of 1.1P-2.7P. Figure 2.13 illestradrking ranges
for various turbine ratings, as well as the tower natural freqeemar designs developed by
LaNier (2005). It can be seen that as the power output of the turbneases, the working
range of the natural frequency decreases. A stiffer toweld be designed with a natural
frequency greater than 3P (or 2P for a 2-bladed turbine); howesevould increase its cost

considerably, making it uneconomical.

www.manaraa.com



39

'-Lif el

Bkl Torwer
T

bl Tiowes

ConcTowsr(EQ) |

o049 8.00 0.60

il
*

‘Wiorking Freg.

St Towsl _ Cons Towar (Mind, —_ _ g

Conc Towsr EQ)

e Fower—

1
100

AP Dlock Mreg. A ‘Working reg.

20MW Frequency Analysis
Ibybrid Towsr

3F Bluk Freys

Figure 2.13: Acceptable Working Range for Fundamental Natural Frequencyadr
Different Tower Types and Turbine Ratings by LaNier (2005)

Additionally, the effect of vibrations induced by vortex shedding ntestaccounted for

(DNV/Risg, 2002). Vortex shedding is an aeroelastic phenomenon that inttodveseation

of “areas of negative pressures on either side of a

structumahto the wind direction”

(Chang, 2007). Its occurrence is dependent on the cross section of the stasoiek as the

design wind speed. ACI 307-98 addresses this concern for circosa gections. The use of

this specification is discussed in Section 2.3.6.

2.3.3 Load Cases

The load cases for design can, in general, be derived from th& ASES, but several

modifications are suggested by LaNier (2005). The first isftrawind turbine loads, a load

www.manaraa.com



40

factor of 1.35 be used. This corresponds to the International Elebinatalc Commission
(IEC) partial load factor for wind turbines (International Hietgtchnical Commission,
2007). For direct wind loads on the tower, the factor of 1.6 is retaindlels rationale for

two different factors is that the tower will always be satgd to the direct wind load.
However, the turbine wind load can be controlled somewhat through theioperyathe

rotor. This measure of control over the wind turbine load is judiiicdor reduction in the
load factor. Additionally, since the turbine wind loads are often basetthenipad cases
specified by the IEC, using the IEC’s load factor lends commigteo the design. For
ultimate loads, this results in the following load combinationsjoas cases involving

primarily live load, snow, and roof live can be neglected:

1.4D (2-8)
1.2D + (1.6W + 1.35TL) (2-9)
1.2D + 1.0E (2-10)

For service level load conditions, the following load combinationdsmenended by LaNier
(2005):

1.0D + 1.0W + 1.0TL (2-11)
For fatigue evaluation, the following load combination is recommended (LaNier,:2005)
1.0D + ATL (2-12)

whereD = Dead Load,;
W = Direct Wind Load;
TL = Turbine Wind Load;
E = Earthquake Load; and
ATL = Turbine Fatigue Load Range.

Equation (2-12) results in a range of loads, and therefore a rangessies. This range can
be evaluated with an applicable specification, as discussedtiorselt should be noted that

direct wind loads are not included in the fatigue load case, whitlins consistent with
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industry methods (LaNier, 2005). LaNier’'s recommended load factor édbiv@nd turbine
loads was judged adequate, as specifications dealing with fagigjaally include their own

load factors.

2.3.4 Applicable Loading Provisions

As mentioned previously, it is necessary to use a combination cagndetandards to
complete a wind turbine tower design. As there is no all-inclusisgadeocument available
in the United States for this purpose, designers use a combinatsatidfy all necessary
requirements. The following are documents used for determining tpéalirthe design of

wind turbine towers in this report.
IEC 61400-1

The IEC 61400-1 is a design standard published by the Internationdtokdebnical
Commission (IEC), which is an organization founded in London, UK ghatides design
standards concerning “electrotechnical industries” (Electrotegh@iommission). The IEC
61400-1 concerns “Wind Turbine Safety and Design” (International ritechnical
Commission, 2007). This standard is specifically useful for Asaarwind turbine tower
design because of its method for specifying design wind speed. gtthibe ASCE 7-05
specifies a basic design wind speed based on the location witHimitieel States, this does
not take into account the actual power rating of the design turbi@e61B00-1 does this by
grouping wind turbines into classes (I, Il, or 1ll), based on typaall speeds within their
intended operating environment. Additionally, each class has a suleigaag B, or C) for
wind turbulence characteristics, allowing for the wind turbine operagnvironment to be
more accurately described. IEC also presents a special Gador use in regions with
“tropical storms, such as hurricanes” (International ElectroteahrCommission, 2007).
Each class has its own reference wind speed and turbulencetynt€nhs reference speed is

given as a 10 minute average, at hub height, as shown in Table 3-2.
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Table 2-3: International Electrotechnical Commission’s Referene Wind Speed (2007)

Wind turbine | I I s
class
Vet , mph 111.8 | 95.1 83.9 | Values
(m/s) (50) (42.5) | (37.5) | specified
A ki(-) 0.16 by the
B i) 0.14 designer
C rléf(') 0.12

The values apply at hub height and

VefiS the reference wind speed average over 10 min,

A designates the category for higher turbulence characteristics,
B designates the category for medium turbulence characteristics,
C designates the category for lower turbulence characteasiits
lref is the expected value of the turbulence intensity at 15 m/s.

This reference speed and turbulence can then be used in wind spe¢sl detalked in the
standard, including: Normal Wind Profile (NWP), Normal Turbulenced® (NTM),
Extreme Wind Model (EWM), Extreme Operating Gust (EOG) réxe Turbulence Model
(ETM), Extreme Direction Change (EDC), Extreme Coherent @ttt Direction Change
(ECD), and Extreme Wind Shear (EWS). In order to fully evalaan@nd turbine with this
standard, a variety of load cases should be examined. The Amkrstiaute of Aeronautics
and Astronautics (AAIA) has compiled a list of these loadss;ad®wn in Table 2-4. In the
third column of this table, Vstands for Wy, the reference velocity from Table 2-3. In the
case of many of the operating condition load cases, a desigutcuelocity (i.e. the highest
velocity at which the turbine is designed to run) would ideallyd® to determine the wind
load. However, as stated in the caption of Table 2-4 it is pebtassi use Vs if a cut-out
velocity is unknown. The basic wind speed calculated with specifitaan then be used in
conjunction with the ASCE7-05 (Structural Engineering Institute, 2@08alculate a direct
wind load. It would also be used an input to a simulation or code to obiaihtwbine
loads. As only turbine loading is available for the EOG50 and EWM5%(l wpeeds, as
discussed later in this Chapter, only these wind speeds will be discussed further.
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Table 2-4: IEC Load Cases Compiled by Veers and Butterfield (2001)

Design Load : - Analysis
Situation Case Wind condition Type**
1.1 NTM th[:=Vr or Vou] U
1.2 NTM Vin < Vhue < Vout F
1.3 ECD Mwt=V¢ U
1.4 NWP Vhu=V: or Vout 3
1) Power -
1.6 EOG50 Wur=V: or Vout U
1.7 EWS \Aub:Vr or Vout U
1.8 EDC50 Vou=V: or Vout U
1.9 ECG V=V U
2.1 NWP Vhur=V: or Vout U
2) Power -
fault
2.3 NTM Vin < Vb < Vout F
3.1 NWP Vh < Vb < Vout F
3) Start up 3.2 EOG1 Vup=Vr or Vout U
3.3 EDC1 Viur=Vr or Vout U
2) Normal shut| 4.1 NWP Mn < Vhub < Vout F
down 42 | EOG1 Vius=Vr O Vout U
5) Emergency _
Shut-down 5.1 NWP \Aub—Vr or Vout U
6.1 EWM thb = Ve50 U
6) Parked
6.2 NTM Vhub < 0.7 (Mer) F
7) Parked+Faulf 7.1 EWM Vhub = Ve1 U

*If cut-out wind speed, ¥, is unknown, V; should be used
** U designates ultimate and F designates fatigue
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For the EWM50 wind speed, the turbulent wind speed with 3 second engtege can be

calculated through the following steps:

1) Calculate the 50 year mean recurrence interval (MRI), 10 minute wind speed:

z \011 (2-13)
Veso = 147 ()
u

whereV,..s is given in Table 2-3:
z = height of interest; and

Zpup= turbine hub height.

2) Convert the wind speed to a 3 second gust at 33 ft (10 m) Equations é2d.9)
(2-20).

For the EOG50 wind speed, the following steps should be followed to aigidhle wind

speed with a 3 second averaging time:

1) Calculate the 1 year MRI, 10 min. wind speed from the EWM wind model at 33 ft (10

m):
Ver = 1.12V,.¢ (2-14)

whereV,..s is given in Table 2-3;
z = height of interest; and

Zpup= turbine hub height.

2) Calculate the turbulence standard deviation from the Normal Turleulbrodel
(NTM);
O1,NTM = Iref(0-75thb + b) (2-15)

wherel..( is given in Table 2-3;
Vhup = cut-out wind speed, and is specified by turbine manufacturers; and

b =12.53 mph (5.6 m/s).

3) Calculate the 10 minute average wind gust speed at 33 ft (10 m):
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(2-16)

g
Voust = Min{ 1.35(Vor = Vi), 3.3 | — 28T

1+0.1 (A_l)

whereV},,,, = 10 min. cut-out wind speed, and is specified by turbine manufacturers;
D = turbine rotor diameter; and
Ay = 137.8 ft (42 m) for hub heights greater than 196.9 ft (60 m).

4) Calculate the 50 year MRI, 10 minute, extreme operating gust:
V(z,t) =V (2) — 0.37Vyys sin(3nt /T)(1 — cos(2mt /T)) (2-17)

V(z) = thb(z/zhub)o'2 (2-18)

wheret =time; and
T = 10.5 seconds.

The evaluation of Equation (2-17) results in a wind speed distribution, due to its
inclusion of time as a variable. The approximate time associated with thenamaxi
wind speed in this equation is 5.125 seconds. It should also be noted that this

Equation (2-17) is only valid from 0-10.5 seconds.

5) Convert the 10 minute extreme operating ¢giét, t), to a 3 second wind speed
using Equations (2-19) and (2-20).

In order to change wind speed averaging time from 10 minutes/asig the IEC 61400-1
(International Electrotechnical Comission, 2007), to the 3 secondgjuaseteby the ACE 7-

05 (Structural Engineering Institute, 2005), the following procedure should be fdllowe

1) Convert the wind speed from a 10 minute averaging time to a meay-hwarhging
time (Simiu & Scanlan, 1996):
V10 minutes (Z) (2'19)

Vmean—hourly(z) = B95c(10 minutes)
(1 T 25 In(z/29) )

wherec(10 minutes) = 0.36;
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7z, =0.0164 ft (0.005 m) (Simiu & Scanlan, 1996) which approximately
corresponds to ASCE 7-05 (Structural Engineering Institute, 2005) uepos
category D, and is the surface roughness height; and

B = 6.5 (Simiu & Scanlan, 1996) which approximately corresponds to ASCE
7-05 (Structural Engineering Institute, 2005) exposure category D.

2) Convert the wind speed from a mean-hourly averaging time toeadh@ averaging

time:

£%5¢(3 seconds)) (2-20)

V3_secona(2) = Vmean—hourly(Z) (1 " 2.5In(z/z,)

wherec(10 minutes) = 2.85 (Simiu & Scanlan, 1996); and
z, andp as in Equation (2-19).

ASCE 7

Minimum Design Loads for Buildings and Other Structures, also knA@6E/SE 7-05
(Structural Engineering Institute, 2005), is an American destgndard that, as the title
implies, specifies loading for various structures. In the chseind turbines towers, wind

and seismic loading directly apply.

The ASCE 7-05 describes the overall wind region characteristiosgh the use of a basic
wind speed. This speed is specified as a 3 second gust at 3@aficglelt is then used to
determine a pressure, which varies with height and can be mod#ssd lon terrain and
return period. For all calculations, the exposure category of “B8 used by default. This
exposure category is for wide-open spaces, with few obstructidsiedio wind. This was a
conservative choice, as it is the most harsh wind speed environmeractlilbéwind speed
environment would depend on the turbine location and the terrain chatacdehowever, it
was felt typical wind turbine locations would fall within this exposure cayedatditionally,
this exposure category is consistent with that chosen by L&AN6b), and was also used so

that direct comparisons could be made with the study by that author.
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The direct wind load applied to the wind turbine tower is given as:
F(z) = q,(2)GCrAf (2-22)

wheregq,(z) = wind velocity pressure;
G = gust-effect factor;
z = elevation of interest
Cr = force coefficient; and

Ay = solid projected tower area.

The equation that defines the velocity wind pressure from wind spessl fidllows (SEI,
2005):

@) = {0.00256KszthV21 (U.S.units) (2-22)
1\2) = 10.613K,K,.K4V2I (S.1. Units)
where
2/a
2.01(z/z orl5ft<z<z
={ (2/2) fz/a / 7 (U.S. Units)
2.01(15 ft/z or z < 15ft
(15 ft/25)" " f f (2-23)
2.01(z/2,)" “for 457m <z < z,
K, = 2/a (5.1.Units)
2.01(4.57m/z; )" forz <4.57m

and is an exposure coefficient that depends on elevation above the ground;
z = elevation of interest;
a = 11.5 for exposure category “D”;
z, = 700 ft (213.36 m), and is the gradient height for exposure category “D”;
K,: = 1.0 for flat terrain;
K; = 0.95 for round towers and truss towers that have non-square, triangudar, a
rectangular cross-sections, and is a directionality factor;
V' = basic wind speed, mph or m/s, with a 3 second averaging timenaxbtai this
study from the IEC 61400-1 (International Electrotechnical Comission, 2007); and
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I =1.0 and is the Importance Factor, altering mean recurrence interval o$pead.

Since a typical wind turbine farm can have 100 or more turbinesp#iseof any single
turbine does not represent the total failure of the wind farmiefdre, a single turbine loss
does was judged not to represent a “mass disruption of day-to\dignciife” (Structural
Engineering Institute, 2005), and an importance factor of 1.0 was judged &ddgiier’s
work agrees with this factor (2005), citing the low human occupancyiraf wrbines as

justification.

The gust-effect factor value is dependent on the tower’s fundainmatiisal frequency. The
equation for this factor is given as:

1+ 171, /g5Q2 + gZR? (2-24)

G = 0.925
f 1+ 1.7gyl;

whereg, = 3.4, the peak factor for background response;
g, = 3.4, the peak factor for wind response;

0.577 (2-25)

v 21In(3600n,)

and is the peak factor for resonance,;

gr =+/2In(3600n,) +

n, = tower fundamental natural frequency, Hz;

1/6 -
c (%) (U.S. Units) (2-26)
I; = .

10m.\1/6 .

c (T) (S.1.Units)

and is the turbulence intensity at 33 ft (10 m);
¢ = 0.15, the turbulence intensity for exposure “D”;

zZ = 0.6h (2-27)

h = the structure height;
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1 (2-28)
R= ERnRhRB(0.53 +0.47R,)

and is the resonance response factor;

B = 0.02, and is the assumed structural damping ratio;

. n]_ LZ (2-29)
1 VZ
7.47N,; (2-30)

" (1 +103N,)75

{l 7 \0125 ' (2-31)
L ! (ﬁ) (U.S.Units)
z - 7 0125

L l (—10 — (S.1.Units)

for exposure category “D”;

[ = 650 ft (198.2 m), for exposure category “D”;

08(=2) " v (%) w.s.un (2-32)
P (33 ft.) (%) (U.S. Units)
z— 7 \011
k 0.8 (m) V (S.1. Units)
with V in mph or m/s for exposure category “D”;
h -
< 1 e—2<4.6n17—2)> (2-33)
Rh = -
h h\?
4.6ny = -
1y 2 (4.6n1 Vz)
B -
(1 B e—2(4.6nlv—z)> (2-34)
1
RB = -

B 2
domy 2 (4.6n1 g)
z
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whereB = width of the tower, measured normal to the wind direction;

(1 B e—2<15.4n17i2)> (2-35)

L 2
154 & 2 (15.4n1 17£>
z z

1

R, =

wherelL = tower length, measured parallel to the wind direction; and

1 (2-36)

and is the background response factor.

Cr is the force coefficient that is determined by the towessisectional shape and surface

roughness. For circular sections with,

D\/q, > 2.5 (U.S.Units) (2-37)

D.\[q, > 5.3 (S.1.Units)

whereD = is the diameter of the tower, in ft. (m); and
q, = the basic wind pressure as defined in Equation (2-22), in psf\N/m

0.5 for h/D =1 (2-38)
Cr =10.6for h/D =7
0.7for h/D = 25

for moderately smooth towers.

For values ofi/D between those given in (2-38), linear interpolation can be used. Although
not explicitly stated in the specification, it was assumiedt linear extrapolation is

conservative, as opposed to using 0.7 as an upper bound. For square or trieurgpddror
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lattice towers, Figure 6-23 in the ASCE 7-05 can be used tola@ . The way this figure

was utilized in this report is detailed in Section 4.3.1 of this report.

2.3.5 Applicable Design Standards for Steel

The following are the applicable standards for evaluating the limésstat steel towers.

ANSI/AISC 360-05

AISC 360-05 can be used to evaluate the strength of the steelusimal,either Load and
Resistance Factor Design (LRFD) or Allowable Strength De&gD). As LRFD is more
versatile than ASD, its use will be described in detail. &/MISC 360-05 does not
specifically address large cylindrical shells, it does hpxavisions for round Hollow
Structural Steel (HSS) sections. As round HSS are simikrape and D/t ratios (where D is
the diameter of the shell and t is the thickness thickness ohélg ® steel wind turbine

tower shells, the provisions would apply.

For compression, the AISC sets limits for D/t in order to dasssection as noncompact or
slender. For sections with a D/t ratio greater than the fegmbdimit, the section is classified
as slender. If the D/t ratio falls below the limit, the setis classified as noncompact. The

limit is given as:
< 2-39
D/t S011E/F, (2-39)

whereD = diameter of the shell;
t = thickness of the shell;
E = modulus of elasticity; and

E, = yield strength of the steel.
For noncompact sections, the strength of the section in pure compression is given as:
P, = F, A, (2-40)

whereB, = nominal design strength in compression; and

F., = critical buckling stress.
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F., requires the calculation of the elastic buckling strEssgiven by:

m’E (2-41)

KL .
WhereT = slenderness ratio; and

e

k = 2 for a cantilever.

WhenF, = 0.44F,, inelastic buckling occurs, and the critical buckling stress is given as:

Fy (2-42)
F.. = [0.658% F,

WhenF, < 0.44F,, elastic buckling occurs, and the critical buckling stress is given as:
F.. = 0.877F, (2-43)

For slender sectiong;, is replaced by F, in Equation (2-42). Additionally, the streBsis
compared to a limit 00.44QF, to determine whether elastic or inelastic buckling occurs. Fo

stiffened element® is given is Equation (2-44) as:
_ 0.038E N 2 (2-44)
a — D §
5(7)

when0.11 £ <2 < 045%,
F, t Fy

Q=0

Equation (2-44) accounts for local buckling occurring due to compressiondafipkéender

sections. The resistance factor for compression is tak¢pn a.9.
For bending, the following is the limit for a compact section:

D/t <0.07E/E, (2-45)
The limit for noncompact sections is:

D/t <0.31E/F, (2-46)
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The bending strength of a compact round HSS is given as:

M, =M, =E,Z

whereZ = plastic section modulus.

The bending strength of noncompact round HSS is given as:

0.021E
n 57— t5
t

whereS = elastic section modulus.

(2-47)

(2-48)

The bending strength of slender round HSS, accounting for the ocaiotlozal buckling

IS given as:
M, = F,S
0.33E
for =—p—
t

The resistance factor for bending is takepas= 0.9.
For torsion, the nominal strength is given as:
T, = F,C

_n(D—t)%t

C
2

F., for torsional buckling is the larger of:

1.23E

(2-49)

(2-50)

(2-51)

(2-52)

(2-53)

(2-54)
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wherelL = length of the section.
The resistance factor for torsion is takerpas= 0.9.
The nominal shear strength of round HSS is given as:
Vo = FyAg/2 (2-55)

whereA = gross section area; and

F..= critical shear buckling stress, and can be calculated as the larger of:

_ 1.60E (2-56)
cr —  __ 5
L, (D\#
77
_0.78E (2-57)
cr — 3

D\2
(%)
whereL,, = length from maximum to zero shear force.

This stress cannot be taken larger tharF0.@he resistance factor for shear is taken as
¢, = 0.9.

The combination of forces should meet the following condition:

P, M v, Ty \° 2-58
<u+u)+<u+u)sm (2-58)
¢an ¢an ¢vVn ¢tTn

whereP, = required, factored-level axial force;

M,, = required, factored-level bending moment;
I}, = required, factored-level shear force; and

T,, = required, factored-level torsional moment.

European Convention for Constructional Steelwork (ECCS)

Local buckling of the steel shell can be evaluated using thehocielaid out in

Recommendations on Buckling of Sh@igropean Convention for Constructional Steelwork,

www.manaraa.com



55
1988), as discussed ithe Wind Energy HandbodBurton, Sharpe, Jenkins, & Bossanyi,
2001) The elastic buckling stress for a cylindrical tube is given as,

_ 0.605Et (2-59)
T

O-C T

whereE = elastic modulus;
t = wall thickness; and

r = radius of the cylinder.

Due to imperfections caused by welding, a reduction to the bucklieggsh is introduced
assuming the length of the imperfection is less than 1% of thiehtaight. Equation (2-60) is
a version of the ECCS reduction factor which has been modifiedafmred cylinders

(Chryssanthopoulos et al., 1998):

( 0.83
| for Ri./t <212
. J1+0.01(R./0) (2-60)

0.70
L for Ri,/t > 212
\0.1 4 0.01(R./t)

where
Ri. = R{/cosp (2-61)

andp = semi-vertex angle of the conical shell;
R; = smaller of the two end radii; and

t = shell thickness.

However, since a steel wind turbine tower is typically subjetidnbnding and compression
due to the combination of dead loads and lateral wind loads, the beadingion factor is

introduced:
ap = 0.1887 + 0.8113a, (2-62)

The buckling stress is then given as,
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( £\ (2-63)
L £ 11— o.4123< 4 ) for ago, > f,/2

o, = 4 Ap0cr
LO.75aBacr for ago., < };—y

wheref,, = yield strength of the steel.

According to LaNier (2005), the buckling stress can then be caupar the maximum

applied stress,

Oapp = (fa + fo)? + 3£ (2-64)

Wheref, = applied axial stress;
f» = applied bending stress; and

f, = applied shear stress.

As the AISC (American Institute of Steel Construction, Inc., 2@{cification includes
slenderness as a design criterion, this local buckling calculaiwessas a second check in
design. However, it was felt that this check was valuableh@sAISC method does not
account for imperfections due to welding. The computation of this bigcklirength as a
portion of the elastic buckling strength implies stresseslianiéed to less than residual
stresses caused by differential cooling in steel sectiontrEddevel forces are expected to
cause inelastic behavior in members, hence the use of the plastic section nmoqgluetion

(2-47). Therefore, the stressgs f;,, andf,, should be calculated for service-level loading.

2.3.6 Applicable Design Standards for Concrete
The following are applicable standards for evaluating the various dtates for concrete

towers.

CEB-FIP Model Code 1990

The Model Code 1990 (MC90) is a document created through the cotlabharbthe Euro-
International Committee for Concrete (CEB) and the Federatiorestressing (FIP)

regarding the design of concrete structures. It is intendedver ¢the description of the
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mechanical behavior of reinforced concrete, the materials’ airdctimaposite behavior” and
“a coherent framewok for the subsequent chapters with appropmapdifisiations of the
basic models” (Comite Euro-International Du Beton, 1993). In the cootecdncrete wind
turbine towers, it is particularly useful because it addressesinplitude, high cycle fatigue

with more than 19cycles.

Chapter 6.7 of the MC90 presents several methods for the evaluafaiigoé for concrete,
reinforcing steel, and prestressing steel. The first method, knowWeasication by the
simplified procedure”, is applicable for fatigue design of stmes subjected to between*10
and 16 load cycles. As wind turbines are predicted to experience aro28et1% load

cycles, this approach cannot be used.

The second method, “Verification by means of a single load lewwi” e used for any

number of cycles, and therefore is applicable.

For reinforcing and prestressing steel, the following requirement is se

VSdmaxAUSs < AaRsk(n)/Vs,fat (2'65)

wheremaxAos, = maximum fatigue stress range for steel;
n = predicted number of fatigue cycles over the lifetime;
Aogg(n) = stress range relevant to cycles obtained from a characteristic fatigue
function;
¥sqa = 1.1, and is a fatigue load factor; and

Ysrat = 1.15, and is a fatigue material safety factor for steel.

Aogq(n) is determined by plotting the stress (S) versus cyblgsifrve and comparing the
allowable stress range at the predicted number of cycléstmgtmeasured stress range due

to the fatigue load case. An illustrative example of an S-N curve can bendeigare 2.14.
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4 100 SiPgop

Figure 2.14: Example S-N Curve (Comite Euro-International Du Beton1993)

The S-N curve is a bi-linear curve when plotted on a log-latesén Figure 2.14, -1/m is the
slope of each part of the curve. N* represents the number of tcledich the curve
transitions from slope -1{ko -1/k. The values of N k;, and k for prestressing steel can be
obtained from Table 2-5 provided in the MC90.

Table 2-5: MC90 Steel Fatigue Parameters (Comite Euro-Intern&nal Du Beton, 1993)

Stress
Exponent

K1 ko

AGRsk (M pa) AGRsk (kSi)

AtN* | At10° | AtN* At 10°
cycles | cycles | cycles cycles

N*

Pretensioning
Straight Steels fo| 5 9 160 95 23.21 13.78
Post-tensioning

Curved Tendorl® | 10 3 7 120 65 17.40 9.43
Straight Tendons fo 5 9 160 95 23.21 13.78
Mechanical 10° 3 5 80 30 11.60 4.35

Connectors
?In cases where the S-N curve intersects that of the Istriaég, the fatigue strength of
the straight bar is valid.

It can be seen in Table 2-5 that N*£16r all prestressing steel types. As the towers in this
study are subjected to 5.29%16ad cycles, the portion of the S-N curve with the slope-1/k

should used. Thereforagy,, (n) can be calculated as:

n ) (2-66)

1
log[A0 (1) sk = l0gAG(NInsid — 1= 1og (-
2
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Adgg, (n) = 100880 Mrsi] (2-67)

For concrete, the following fatigue requirement applies,
n<N (2-68)

wheren = required number of cycles (lifetime); and

N = allowable number of load cycles.

For concrete in compression only, N basedQiin, Sca max,» aNdAS,,; as detailed below.
For 0 <S;qmin<0.8

logN; = (12 + 16S.qmin + 85c2d,min)(1 - Scd,max) (2-69)
logN, = 0.2logN,(logN; — 1) (2-70)
logs = 10gN;(0.3 — = Ssamin)/AScq &7
If logN; < 6, thenlogN = logN,
If logNy > 6 andAScg = 0.3 — 2 S mim, thenlogN = logN,
If logNy > 6 andAS.q < 0.3 — 2 Ssq min, thenlogN = logN;
where

Sca,max = YsaO¢maxNe/ [ cd,fat (2-72)
Scamin = YsaOcminNc/ fed,fat (2-73)
AScqa = Scamax — Scamin (2-74)

Ocmax = Maximum compressive stress; and

Ocmin = MiNiMumM compressive stress.

Sa.max @nd Sq min iINVolve the factorp,, which is the gradient factor, accounting for non-

uniform stress levels in a cracked concrete section. This factor isatattals follows,
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) . (2-75)
1.5 = 0.5|oc11/loc|

MNe

where|o,.,| = lower absolute value of the compressive stress within a distance of no more
than 11.81 in. (300 mm) from the surface under the relevant load combination; and
lo.,| = larger absolute value of the compressive stress within a distancere than

11.81 in. (300 mm) from the surface under the same load combination|ag for

Sd.max@nd Sa,min also involve the reference compressive fatigue strerfgth,., which can

be calculated according to the following equation,

fek )] e (2-76)

feafar = 0.85B..(t) [fck (1 " 25/,

wherey, = Yefat = 1.5;
fero =1.450 ksi (10 MPa).
fex 1S approximated as the 28-day strength, ksi (MPa).

B..(t) is a factor accounting the for aging of concrete, and waslatdd from the following
formula:

28)'/2 (2-77)
1-(F)

t

Bec(t) = es

wheres = 0.2 for rapidly aging concretes; and

t = age of concrete, days.

In the BergerABAM study, LaNier (2005) used a concrete dgé@0odays in calculating
fatigue resistance, as well as assumed the use of rapidly @ancrete. Given the common
use of heating treating in prestressed concrete, and the delagehetvihen the concrete
sections would be cast, and when the turbine would actually becomeiampsrathese

assumptions were judged reasonable.
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ACI 307-98

ACI 307-98 (ACI Committee 307, 1998) is a standard discussing thgndesireinforced
concrete chimneys. In many regards, these chimneys are veitgr sion concrete wind
turbine towers. They are of similar height, designed as da stmetture, and experience
comparable direct wind loading. Therefore, several aspects of ghidfisation can be
directly applied to wind turbine towers. While no standard was foundetfgally identify
a limit for lateral deflection on wind turbine towers, ACI 307-8&sut deflection limits to
reduce PA effects. This following formula defines the allowable maximdeflection for

concrete chimney:
Yinax = 0.04h (2-78)

WhereY,,,, = maximum allowable deflection, in.; and

h = the tower height, ft.

For a 328 ft (100 m) tall tower, Equation (2-78) yields an allowadtlerdl deflection of
13.12in. (0.333 m).

ACI307-98 also addresses vibration effects on concrete chimnegiggafrom vortex
shedding. The criterion for consideration of vortex shedding involves comphéangitical
excitation speed with the mean hourly design sg&gdat 5/6 of the total tower heightc(z

The critical speed is given as,

_ fd(u) (2-79)

I/C'r S
t

wheref = first frequency mode, Hz; and

d(u) = mean outside diameter of upper third of the tower.

S; = Strouhal Number, and can be calculated based on the following formula:
St = 0.25F1(A) (2'80)

where
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F,(4) = 0.333 + 0.206 log, (%) (2-81)

whereh = tower height.

If 0.5V(zs) <V, < 1.30V(z.,), then vortex shedding must be considered as a design

criterion.
ACIl 318-08

ACI 318-08 is an American standard that addresses materialgndesid construction of
structural concrete (ACI Committee 318, 2008). It is the predominandard for concrete
building construction in the United States. It can be used to desigmepsesl and non-
prestressed members subject to the combination of flexure, caiopreension, and shear.

However, it is not generally applicable to UHPC.

For prestressed flexural members, service-level loads tipigalvern the design. The
following limit is set the following allowable compressive sselimit for prestressed

concrete (ACI Committee 318, 2008) under service-level loading:

£, < { 0.45f, for prestress plus sustained loads (2-82)
¢ = 10.60f, for prestress plus total load (including transient)

wheref. = the 28-day compressive strength of the concrete.

For post-tensioning steel, the following permissible values arengior service-level

loading:

- minimum(0.94f,,, 0.8f,) for jacking force (2-83)
L= |minimum (0.70f,,, 0.82f,,) immediately after transfer

wheref,, = post-tensioning yield stress; and

fpu = pOSt-tensioning ultimate stress.
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For ASTM A 416 prestressing tendons with= 270 ksi (1862 MPa) anfl, = 243 ksi (1675

MPa), this translates to an allowable jacking stress of 216L&8O MPa) and an allowable
transfer stress of 189 ksi (1303 MPa).

To define the concrete shear strength of prestressed membérspédifies two applicable
limit states: Flexure-shear cracking ()Vand Web-shear cracking {y. The limiting

strength is defined as follows:

{(0-6\//‘0’(psi))bwd + Z&M"e < 1.7\/f (psi)b,,d (2-84)
VCi — max .
k(0.049821\/m)bwd + :}M"e « 0.14112\/f/(MPa)b,,d
where
M. = {(I/yt)(@/ﬁ + fpe(pSi)) (2-85)
T () (0.49821FI (MPQ) + f,)

and f. = 28-day compressive strength of the concrete;
I = moment of inertia of the section;
y: = distance from the centroid to the extreme tension fiber;
fpe = effective stress due to prestress where tension is expected due to extdrnal loa
V; = factored level shear demand;
M,,.. = factored level moment demand;
b,, = width of the section; and

d = depth of the section.

(BB ws) + 0.3f,c)byd + Y, (2-86)
~ {(0.29062,/F7(MPa) + 0.3, )b,d + V,

wheref, = 28-day compressive strength of the concrete, psi

cw

fpc = stress due to prestressing at the centroidal axis; and

V, = vertical component of effective prestress force.
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One noticeable aspect of the ACI equations is their predispositi@ttangular sections. An
alternative recommendation is to replace the term in the above equations with 0¢84

(Priestly, Seible, & Calvi, 1996) for circular sections.

For any ultimate strengths calculated, ACI specifies stheregluction factors based on the

type of limit state. These are listed below:

®benaing = 0.90 for tension controlled sections

¢shear/torsion =0.75

ACI also makes recommendations for the adequacy of hollow corseretiens for shear and
torsion interaction. A section subjected to a combination of torsion arat $hvee is

considered adequate if the following condition is met:

(blfd) " <1T7Z'5h> = ¢(bfd +8 fc'(psi)) (2-87)

Vu Tupn ( Vo 2 )
< 2/ (Mp
(bwd> + (1.7Agh> <05 g t3V/lMPa)

wherelj, = factored-level shear demand,;

T,, = factored-level torsional moment demand;

b,, = width of the section;

d = depth of the section;

pn = perimeter of the centerline of the outermost closed transverstonal
reinforcement;

A,, = area enclosed by the centerline of the outermost closedrdraastorsional
reinforcement;

V. = nominal concrete shear strength; and

¢ = 0.75, a safety factor for torsion

f; = 28-day compressive strength of concrete, psi.
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These recommendations are predisposed for used with rectangiianseTherefore, the
term in Equation (2-94) should be replaced with @:&&Priestly, Seible, & Calvi, 1996pr

use with circular sections.

2.3.7 Applicable Design Standards for UHPC
While UHPC design standards are continuing to evolve, no one standard seeover
every limit state necessary for UHPC turbine tower. Assalteit is necessary to utilize

multiple standards to complete a design.

AFGC Ultra High Performance Fibre-Reinforced Concretes: IntBé#tommendations

This document is a French design standard for UHPC (Associatiowgaisa de Geénie
CivillSETRA, 2002). It was created between 1999 and 2002, and includes inforroa

UHPC’s material properties, design methods, and durability. efuations for the shear
strength of UHPC members have been adapted for use with AmeZgstomary Units by
Degen (2006). UHPC's shear strength can be split into two digkimttons: that provided by

the concretel;, and that provided by the fibei4, These equations are given below:

. {1.7de £ (psi) (2-88)
0.14116b,,d+/f; (MPa)

— 0-9bwd|ft,max| (2'89)
"7 yortan(B)

whereb,, = the section width, in.;
d = section depth, in.;
f. = 28-day compressive strength, psi;
ftmax = maximum UHPC tensile strength;
Yps = partial safety factor, 1.3; and

B = shear crack angle.

Additionally, these equations are calibrated for use with rectangaldions. For circular

sections, theb,,d term could be replaced with, = 0.84,,,, (Priestly, Seible, & Calvi,

1996). The crack angle can be calculated based on the nominal concrete $frength,
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1 2 (V. (2-90)
B ==tan? —( CQ)
2 o, \ It
whereQ = second moment of area;
I = moment of inertia,

t = thickness of the concrete shell; and

o, = axial stress at the point of interest.

Design Guidelines for RPC Prestressed Concrete Beams

This document was prepared for VSL, and specifically addré&ssastion Powder Concrete.
In addition to providing the assumed compressive strain behavior discnsSection 2.2.2,
it is one of the few documents that discusses torsion as aratatimit state. The torsional
ultimate strength of a section is given as (Gowripalan & Gilbert, 2000):

(1:(725.19 (psi) + 1.5656F7) |1+ 10s¢, /1 (2-91)

Tuc:<

Ut(S.O (MPa) + 0.13\/f!) |1+ 10sc,/f!

wherej, = 24,,b,,, for circular hollow sections only;
A,, = area enclosed by the median lines of the walls of a hollow section;
b,, = wall thickness;
f; = 28-day compressive strength, psi (MPa); and

s¢p = average effective prestressing force, psi (MPa).

In Equation (2-91), the term in parenthesis immediately gfterepresents the tensile

cracking strength of UHPC.
Guidelines are also given for the interaction of shear and torsion as anailtimstate:

r + v < 0.75 (2-92)
¢Tuc ¢VUC -

WhereT* = factored level torsional moment demand;

V* = factored level demand;
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T, = ultimate torsional moment capacity;
. = ultimate shear capacity; and

¢ = 0.7, a strength reduction factor for torsion.

Recommendations for Design and Construction of Ultra High Stiehiper Reinforced
Concrete Structures, JGC No. 9

JGC No. 9 (2006) is a draft guideline based on the lessons |deonedhe Sakata-Mirai
Bridge and French standards. One of the areas that wassettineas the fatigue life of
UHPC in both tension and compression. As set out in the guideline, thpreswive fatigue

strength of UHPC is as follows:

foa = 0.85f; (1 _ @> (1 _ log(N)) (2-93)

fa 17
Wheref,; = design fatigue strength of UHPC in compression/flexural compression;
0, = permanent stress that the section is subjected to;
fa = design compressive strength, taken as the 28-day strength oétedfff),
divided by a safety factor of 1.3; and

N = number of load cycles.

Although these recommendations are intended for loading less thafi éydes, the
commentary states that the equation is a conservative estiamat Equation (2-93) remains
valid beyond 2x19cycles. It is also specified to apply a safety matdaaior of 0.76923.
Additionally, it is stated that for reversed cyclic loading,is typically set to zero. For a 20
year turbine life, or 5.29x£cycles, whero, is set to zero, the allowable stress range for
UHPC with a 26 ksi (179.3 MPa) compressive strength is 6.37 ksi (43.9 MPa).

2.3.8 Additional Design Criteria
In addition to code specified criteria, some limit states regbegeuse of non-code methods
to complete the design. These include classical analysis me#imeblsndustry standard

design practices.
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Shear Cracking for Concrete

Although it usually does not govern, shear cracking in concrete sedé@ce conditions is
undesirable. Therefore, it should be used as a limit state fargassd concrete design.
From engineering mechanics, the principal tensile stressgatdnysinteraction of shear and
axial stresses should be limited to the tensile strength of concrete:

for\* |, foc
<7> +@P =<,

(2-94)

wheref,. = axial stress at the centroid due to prestressing and external loads;

fi = 3.5y f/(psi),0.29062,/ f/ (MPa) and is the tensile strength of concrete;
T = service-level required shear stress; and

f. = 28-day compressive strength of concrete.

Rayleigh Method for Natural Frequency

In order to evaluate the dynamic amplification of the structiwseyell as calculate direct
wind loading on the tower using the ASCE 7 specification (SEI, 2088)/fitst natural

frequency of the tower needs to be estimated (including both tlee towd the turbine). The
Rayleigh method uses energy concepts to estimate'thatdral frequency of the tower. The

equation for the first natural angular frequency is given as (afteretaR005)

[NE@I@IY" (2)]?dz (2-95)
[ m@[Y (2)2dz + 5imyY (z,)?

w2 =

wherez = vertical length along the tower;
h = total tower height;
m(z) = distributed mass along the tower;
1(z) = moment of inertia along the tower;
E(z) = modulus of elasticity along the tower;
Y (z) = assumed displacement function for the tower deformation;

m; = a concentrated mass at some point along the tower height; and
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z; = location of a concentrated mass,

In order to account for the effect of the concentrated mass taivilee top due to the turbine,
the summation term in the denominator of Eq. (2-95) accounts for & effthe turbine
weight at the tower top. The accuracywgf depends on how well the displacement function
fits the actual tower's deflected shape. According to Chopra (2@@¥Xeral applicable
displacement functions for uniform and non-uniform towers with distribmeds and

elasticity are:

Y(z)=a [1 — cos (%)] (2-96)
3z2 128 (2-97)
V) =a [m G

wherea = constant describing the maximum deflection.

The constanta is divided out of Eg. (2-95), and therefore is left as a constamigdur

evaluation of Equation (2-95).

Rayleigh-Ritz Method for Buckling Load

The Rayleigh-Ritz method may be used to determine the globalitgidéhd for a system
that has complicated geometry (i.e. varying cross sectioealaard moment of inertia). It is
based on the principal that the smallest buckling load occurs wheshdimge in potential
energy is a minimum. The buckling load of the system is obtaimeadei following steps
(after LaNier, 2005):

1) Choose a displacement function, such as Equations (2-96) and (2-97).

2) Calculate the strain energy of bending in the system:
(2-98)

h
U= %fo E(2)I(2)[Y"(2)])%dz

whereE(z),1(z),Y(z), z, andh are the same variables as in the natural frequency

calculation.
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3) Calculate the potential energy in the system due to the buckling load:

n (2-99)
V= —gf[Y’(z)]Zdz

0
whereP is the critical buckling load at the top of the tower. Alterr@y, this can

be described d = PAord="/p.

4) Calculate the potential energy of the self-weight of the system:
Wself = Wiwrbine+s Wrower (2-100)

1 h
Wiurbine = _EJ- Prurbine [Y’(Z)]de
0

h
Weower = _%—[0 W(Z)Z[Y,(Z)]Zdz

whereP,,.,ine = Weight of the turbine; and

W (z) = distributed tower weight.

5) CalculateP through the use of :

U+ Wself] (2-101)

P = mi
mln[ 1

However, when a displacement function is chosen with only one unknown (e.g.

a), only one solution exists to Eq. (2-101), simplifying the answer.

Damage Equivalent Load Method for Steel Fatigue

The Damage Equivalent Load (DEL) Method is a method used to evaltigteefstrength of

steel structures. In this method, the entire load history fdruatsre is represented by a
damage equivalent load and a number of cycles. This load is applrezistyucture, and the
corresponding stress range is determined through an analysis stfubeire. This stress
range is then compared to a calculated allowable stress raogevelded steel towers
(LaNier, 2005), the allowable stress range is given as:
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e (2-102)
log[Aas(n)] = log(Adymay) + M

whereAa,,,, = 11.60 ksi (80 MPa) and is the allowable stress range associiieBxi(
cycles;
Aog(n) = allowable stress range for the material;
n = expected number of cycles in the structure’s lifetime; and

m = 4, and is the representative slope for the material fatigue strength.

Based on a comparison by LaNier (2005), this S-N is very sitaildre fatigue design curve
specified by Eurocode 3 (European Committee for Standardisation,. I9##gfore it was
judged to be adequate for use in this report. The structure’s stnege, as caused by the

DEL, is then compared to this allowable stress range, and is safe for faague if:
YsaVsA0pg, < Ao (2-103)

whereAop g, = stress range caused by the DEL;
¥sqa = 1.15, and is the consequence failure factor; and

ys = 1.1, and is the material factor for steel.

These material factors correspond to those used in the MC90 & Burib-International Du
Beton, 1993) for fatigue analysis. While not specifically caldmgor the use with the DEL
load method, it was judged conservative to apply this safety factor to the design.

2.3.9 BergerABAM Design Study

In January 2005, NREL published a study completed by BergerABAMnE®&g Inc.

entitled “LWST Phase | Project Conceptual Design Study: Evaluadf Design and
Construction Approaches for Economical Hybrid Steel/Concrete Wind Turbimers”

(LaNier, 2005). The purpose of this study was to evaluate the pibgb constructing

economical hybrid wind turbine towers. As a part of this study,pbete designs were
prepared for 328 ft (100 m) steel, prestressed concrete, and stereltedmybrid towers for
1.5, 3.6, and 5.0 MW turbines. Throughout this report, explicit details are suigplie

applicable turbine and tower loads, limit states, design speooiics, and design
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methodologies. The wind turbine loading data used by BergerABAMowiaddressed, and
results of the steel and prestressed concrete towers williéity discussed as they will

provide useful comparisons to the designs presented in Chapters 1-5 of this report.

WindPACT Design Loads

The turbine loads that BergerABAM used to complete the towsgae were simulated by
Global Energy Concepts (GEC), for another NREL study (Global Eneéogpeepts, 2002).
Loads were given for two IEC wind conditions, Extreme Wind Model (E8@Mand
Extreme Operating Gust (EOG50) (mentioned in Section 2.3.4), and theupragitputs
maximum and minimum shears, moments, and torsional moments. The EWNtb8pged
used was a 59.5 m/s 3s gust, and the EOG50 was a 35 m/s 3s gust foghubl&eations.
Additionally, a Damage Equivalent Load was specified and fatigue loagssimeulated.

The loads in Table 2-6 and Table 2-7 represent an envelope, mdhainghey are
maximums. In Table 2-6, the thrust and moment values are vectonations of loads in the
X (along-wind) and Y (across-wind) directions. These values aparaed into their
constituent directions, and are listed in Table 2-7. The x-direcatigue moments are
assumed to be independent of the fatigue load moments in the y-dirdtteyefore, both

fatigue moments are examined as separate load cases.

Ideally, a study interested in tower design would use field uneddoads from the design
turbine or simulated turbine loading using computational fluid dynamics (CFDj}.titbsne
manufacturers consider load data for their turbines proprietary iafammn and few
companies are willing to distribute this information freely. Genlads, such as those listed
in Table 2-6 and Table 2-7, provide a starting point for tower desigweter, a final tower
design would need to be designed for a specific turbine usingfa@urer-approved turbine

loading, and would need to address more than the EWM50 and EOG50 load cases.

In general, the turbine loads are larger in magnitude than thet dired load. This results in
significantly different tower designs for 1.5 MW, 3.6 MW, and 5.0 M\Wings placed at

the same elevation.

www.manaraa.com



73

Table 2-6: WindPACT Service-Level Load Envelope at Tower Top, Vector Sumations

(after Global Energy Concepts, 2002)

Tower Axial Torsional
Force Moment
Thrust Moment (causing (about tower
tower longitudinal
compression) axis)
Fr, kips M-, Kip-ft F., Kips M., kip-ft
(KN) (KN-m) (KN) (KN-m)
15 MW EWM50 86.3 (384) 2810 (3805) 187.0 (832) 1450 (1966)
' EOG50 90.6 (403) 1083 (1468) 187.0 (832) 171.1 (232)
3.6 MW EWM50 244 (1,086) 12,370 (16,76]) 709 (3155) 4397 (5961
' EOG50 270 (1,199 7310 (9913) 703 (3129) 1178 (15P7)
5 MW EWM50 129.9 (578) 21,070 (28,568)1124 (4998) | 4300 (5834
EOG50 239 (1065) 14,260 (19,337)1097 (4879)| 2740 (3714

Table 2-7: WindPACT Service-Level Detailed Thrust and Moment Envalpe at Tower
Top (after Global Energy Concepts, 2002)

Thrust Moment
Fx, kips Fy, kips My, My,
(kN) (kN) kip-ft (kN-m) kip-ft (kN-m)
EWM50 42.7 (190) 75.1 (334) 2506 (3398) 1263 (1713)
1.5 MW EOG50 90.2 (401) 8.77 (39) 656 (889) 861 (1168)
Fatigue Load| 12.81 (57 - 89.2 (121) 409 (554
EWM50 143.0 (636)] 198.1(881) 10,460 (14,179) 6600 (8950)
3.6 MW EOG50 269 (1196) 18.21 (81 3140 (4262 6600 (8950)
Fatigue Load| 32.1 (143 - 319 (432) 1601 (2170)
13,600
EWM50 44.7 (199) | 122.1 (543 16,090 (21,820) (18.440)
13,600
5 MW EOG50 238 (1057) 28.8 (128 4294 (5822 (18.440)
Fatigue Load| 44.3 (197 - 533 (722) 2670 (361p)
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328 ft (100 m) Steel Tower

BergerABAM completed the design of the steel tower using Alldevekiress Design,
assuming 50 ksi yield-strength steel. Additionally, they consid#re effects of fatigue as
well as the dynamic properties of the tower in the design, kgeima tower natural
frequency within the working frequency range. The resultseoftéel tower designs for 1.5,
3.6, and 5.0 MW are summarized in Table 2-8. In all cases, stesl fatrigue governed their
design (LaNier, 2005) at some point along the tower governed the geweretry. While the
actual location of the maximum demand-to-capacity ratio (DfoRjatigue is not specified
for any of their tower designs, it can be seen from a desigm@e in the report that for the
5.0 MW tower this point occurs at around 230 ft (70.1 m) elevation. As degus Section
1.3.2, BergerABAM used a design life of 20 years for their towEnge DCR’s listed in
Table 2-8 suggest that the towers’ service lives could exceegedfs, as they are
approximately 20% below unity. However, this DCR is not small enooigthé tower to be
re-used with another turbine. It is probable that a final design woufdrtheer optimized,
bringing the fatigue DCR’s closer to unity, and thus matching thigyaldife of the tower to
that of the turbine.

As mentioned previously, turbine size has a significant effect hen réquired tower
dimensions. For a 328 ft (100 m) turbine height, BergerABAM’s 5.0 Mijiires more than
double the volume of steel as compared to the their 1.5 MW tower.

All three of BergerABAM'’s steel tower designs experiengaificant sidesway under direct
and turbine wind loading. While BergerABAM identified no lateral dwitan restrictions in

their report, it is likely turbine manufacturers specify a limiting vétraleflection.
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Table 2-8: BergerABAM 328 ft (100 m) Steel Tower Characteristics (aftelcaNier,

2005)
1.5 MW 3.6 MW 5.0 MW
Rotor Diameter, ft (m) 231.2 (70.5) 355.6 (108.4) 419.8 (128)
Total Head Weight, kips (kg) 187 (84,800) 694 (314.912) 4818%876)
Outside Diameter at Base for
Steel Tower, in. (m) 228 (5.791) 300 (7.62) 348 (8.839
Wall Thickness at Base for Stegl 1.438
Tower, in. (m) 1 (0.0254) 1.25 (0.03175 (0.03651)
Outside Diameter at Midheight of
Steel Tower, in. (m) 168 (4.267) 222 (5.639) 264 (6.706
Wall Thickness at Midheight of 1.375
Steel Tower, in. (m) 1(0.0254) 1.25(0.03175)  (y'03492)
Outside Dlametgr at Top of Steel 114 (2.896) 156 (3.962) 180 (4.572
Tower, in. (M)
Wall Thickness at Top of Steel 0.875
Tower, in. (m) 0.375 (0.009525 0.75 (0.01905 (0.02222)
Steel Tower Weight, kips (kN) 516.1 (2296) 899.2 (4000) 1188 (5282)
Steel Tower Volume, ft(m°) 1053 (29.8) 1835 (52.0) 2420 (68.6
Deflection at Top of Tower for
wind Load, ft (m) 3.013 (0.9185) 3.013 (0.9183) 1.994 (0.6078)
Tower Natural Frequency (Hz) 0.3973,
[Rayleigh-SAP] 0.4059, 0.3669 0.3693, 0.3341 0.3605
Max. Stress_ DCR for Steel 0.492 0575 0.494
(Wind)
Max. Bucklln_g DCR of Steel 0.37 0.449 0.379
(Wind)
Max. Fatigue DCR of Steel 0.758 0.803 0.78
Tower
. . Fatigue Fatigue Fatigue
Controlling Loading Case (20 years) (20 years) (20 years)

328 ft (100 m) Prestressed Concrete Tower

The prestressed concrete design consists of a bonded, post-tensiandal, €hell design.

The concrete has a 28-day strength of 7 ksi (48.3 MPa). As with the siigel, tles concrete

tower is designed for fatigue and strength, with the considerafiagtynamic effects. One

difference between the designs is the local buckling is owsidered in the design of the

concrete tower.
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For the 1.5 MW tower, Tower Natural Frequency is the governingt Istate. For
BergerABAM’s 1.5 MW turbine, the bottom of the working natural freqyerange is
specified as 0.376 Hz, with a 1P value equal to 0.342. In generadwberatural frequency
can be increased when the stiffness to mass ratio of the towercreased. While
BergerABAM does not detail how the natural frequency of the tovasrtuned, it is possible

the diameter or wall thickness was increased along the tower height @smthe stiffness.

The 3.6 MW tower cites concrete fatigue as the limit desigstcaint. For the 3.6 MW, the
concrete DCR'’s listed in Table 2-9 do not support this conclusioactnthey are much less
than unity, implying a tower service life greatly exceeds/@éxs. It is possible the critical
location for fatigue occurs at another location on the tower, buighislikely, given the
extremely low DCR values for the base and midheight. The anitisial DCR for this tower
would appear to be the moment demand DCR, which is still significantly less than unity

The 5.0 MW lists concrete fatigue as the main design limitattooan be seen that the
concrete fatigue DCR is 0.886 at midheight, suggesting that the bawex service life only

slightly longer than the 20 year turbine life. This resulinieresting, as the fatigue effects
appear to be negligible on the 1.5 MW and 3.6 MW tower designs.

The lateral deflections for the 1.5 MW and 3.6 MW concrete toaerapproximately 50%
larger than their steel counterparts. The 5.0 MW concrete tosfiercton is approximately
30% less than the 5.0 MW steel tower. This wide range of deflections furthertsupgéeso
limit has been set by this author. However, in general the corioretes appear to be stiffer,
while maintaining a natural frequency within the working rangeshould be noted that
neither the concrete nor the steel tower designs meet thetatefleriteria suggested by ACI
(ACI Committee 307, 1998) for concrete chimneys, 0.333% drift.
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Table 2-9: BergerABAM 328 ft (100 m) Prestressed Concrete Tower Chararistics
(after LaNier 2005)

1.5 MW 3.6 MW 5.0 MW
Rotor Diameter, ft (m) 231.2 (70.5) 355.6 (108{4) 419.8 (128)
Total Head Weight, kip (kg) 187 (84,800 694 (314,912) 1058 (480,076)
Outside Diameter at Base for
Concrete Tower, in. (m) 228 (5.791) 264 (6.706) 300 (7.62)
Wall Thickness at Base for Concrete 24 (0.6096) 27 (0.6858) 30 (0.762)
Tower, in. (M)
Outside Diameter at Mldhelght of 156 (3.962) 204 (5.182) 222 (5.639
Concrete Tower, in. (m)
Wall Thickness at Midheight of | = 51 g 5334) | 24 (0.6096)] 27 (0.6858
Concrete Tower, in. (m)
Outside Diameter at Top of
Concrete Tower, in. (m) 114 (2.896) 144 (3.658) 144 (3.658
Wall Thickness qt Top of Concrete 18 (0.4572) 18 (0.4572) 18 (0.4572
Tower, in. (M)
Concrete Tower Weight, kip (kN) 3254 (14,470) 4579 (20,370) 5502 (24,470)
. . 78.49 104.60 130.50
Tendon Weight, kip (kg) (35,600) (47,470) (59,180)
Deflection at Tower Top, Wind, ft 1.656 1.361
(m) 1.256 (0.3828)| ¢ 5046) (0.4148)
Number of Tendon at Base and Mjd
Section (12-strand bundle) 30,24 40,32 56,34
Tower Natural Frequency (Hz) 0.3774, 0.3768, 0.384,
[Rayleigh-SAP] 0.3557 0.3419 0.3564
Moment DCR _of Tower at Base 0.453 0.669 0.470
(Wind)
Shear DCR of_Concrete at Base 0.265 0.390 0.240
(Wind)

Concrete Fatigue DCR, Midheight 9.884E-3 0.099 0.886
Steel Fatigue DCR, Midheight 9.451E-9 4.073E-7 2.868E-p
Concrete Fatigue DCR, Base 1.84E-7 0.016 0.139
Steel Fatigue DCR, Base 2.426E-11 1.863E-7 1.791E16

Concrete Concrete
Controlling Load Case Tower Freq. : Fatigue/Ten.
Fatigue Str

www.manaraa.com



78

3 TALLER TOWERS

3.1 Overview

In Chapter 2, the strengths and weaknesses of concrete andusbésd towers were

discussed. It was indicated that for steel, the required basetdiafor a 328 ft (100 m) or

taller tower would exceed transportation limits, resulting irreased transportation and
erection costs. In order to validate that claim, as well ablkest a baseline for comparison
of towers made with different materials, designs of both steklregular strength concrete

were first developed.

In order to complete consistent towers designs using differetdriada, a representative
turbine size and wind environment were chosen. The turbine used fom design

ACCIONA Windpower AW-109/3000 (3 MW) because of readily availabfermation on

this next generation turbine. This turbine was designed by ACCl@XxAn IEC Class lla
environment. For this particular turbine, the tower height isispecas 322 ft (98.2 m),
which results in a hub height of 328 ft (100 m). The nominal miatispeed of the rotor is
13.2 rpm, with a 3-blade rotor diameter of 358 ft (109 m) and a cut-out speed of 25 m/s.

3.2 Steel Towers

3.2.1 Loading

The design of the steel tower was performed using a combinatitwaad, utilizing the
sources discussed in Chapter 2. The turbine loads were obtained dhier (2005) and
ACCIONA literature (ACCIONA Windpower, n.d.). While LaNier (2008id not specify
loads for a 3MW turbine, simulated loads for 1.5, 3.6, and 5.0 MW at 3280t ) hub
height were given. In order to estimate turbine loads for a 3MW turbine at 3Z®ftn) hub
height, a 2 order polynomial was fitted for turbine thrust vs. power rating, nerbhoment
VS. power rating, and the turbine torsion vs. power rating. The loads3fdW turbine were
then estimated from these equations. The plots, as well agtéldeciirves for the loading are
shown in Figure 3.1 through Figure 3.6. Two IEC (International Elessthnical Comission,

2007) load cases were considered for design: an Extreme Opegatsigwith a 50 year
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return period (EOG50), and the Extreme Wind Model with a 50 yearnreperiod
(EWM50).
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Figure 3.1: EWM50 Tower Top Service-Level Turbine Thrust
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Figure 3.2: EWM50 Tower Top Service-Level Turbine Moments
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The tower top loads estimated for a 3 MW turbine from Figure 3.1 thrieiggine 3.6 can be
seen in Table 3-1. It should be noted that for the forces list€dhbte 3-1 the x-direction is

the along-wind direction, and the y-direction is the across-wind direction.

Table 3-1: Turbine Top Loads at Service-Level Estimated for a 3 MW ACCIONAAW -
109/3000 Wind Turbine

V1« Kips Vry Kips My Kip-ft My kip-ft M Kip-ft
EWM50 (kN) (kN) (kN-m) (kN-m) (kN-m)
144.6 (643)| 191.9 (854 8120 (11,020) 4440 (603D) 3930 (5330)
V1« Kips Vry Kips My Kip-ft My Kip-ft M, Kip-ft
EOG50 (kN) (kN) (kN-m) (kN-m) (kN-m)
245 (1092) | 15.00 (65.9) 2530 (3420 4380 (6820) 727 (985)

V+is the horizontal thrust applied to the top of the tower by the turbine, in the dir@ction;
M+ is the moment applied at the top of the tower by the turbine, in the x or yairemutid
M; is the torsional moment applied to the top of the tower by the turbine, irdtrexion.

These turbine loads have been already amplified for dynamiisfieaNier, 2005) and are
to be treated as equivalent static loads. It was assumed thdyrtaeic properties (i.e.,
damping and natural frequency) of the tower designed here werarsimthat designed by
LaNier’s 328 ft (100 m) tower designs (2005), and therefore the dgreanplification of the
loading is similar. Were a detailed design to be completed #&beel tower, this assumption
would need to be validated.

The turbine also causes an axial load on the tower due to itsvesglit. The axial
compression used by LaNier (2005) includes both the self-weight dfutheand rotor, as
well as an axial force caused by turbine operation. Howevethifostudy a different turbine
than that considered LaNier was used. Therefore, the ACCl@KAne weight combined
with the additional wind force caused by operation was used idélign. This force ranges
from O (for a 1.5 MW turbine, EOG/EWM50) to 65 kip (14.61 kN) (for a 5.0 NBXM50).
That fact that it is zero suggests that it may be negligiblowever, in the interest of
conservatism, an additional axial load of 70 kips (15.74 kN) was addeddaorador this

variable operational force. The axial loads are given in Table 3-2.
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Table 3-2: Turbine Axial Loads at Service-Level for a 3 MW ACCIONA AW-109/3000

Wind Turbine
Weight/blade*, kips (kN) 25.4 (113.2)
Nacelle+hub*, kips (kN) 340 (1510

Additional axial compression, kips (kN)  70.0 (311)
Total axial turbine load, kips (kN) 486 (2160)
*From ACCIONA AW-109/3000, IEC class lla

The self-weight of the tower also causes an axial compresfisat increases down the tower
height. At the base of the tower, this is equal to 739 kips (3290 kNimaxs a unit weight

of steel of 490 Ib/ft (77.0 kN/nf). This weight corresponds to the final design of the 322 ft
(98.2 m) steel tower described in Table 3-5.

The direct wind force on the steel tower was calculated usinGEA3-05 (Structural

Engineering Institute, 2005). It was assumed that this turbineop@sting in an exposure
category D in order to complete this calculation. This is aarwative assumption, and is
reasonable as wind turbines are typically located in remotevaledopen areas. Since wind
turbine towers typically have a first natural frequency lbess tl Hz, they are classified as
flexible structures. Because of this, the natural frequencyneaded to evaluate the wind
load. Equation (2-95) was used to perform this calculation, and moréidejaien later in

this section.

Additionally, an input 3 second wind speed at 33 ft (10 m) elevaiioaquired to calculate
direct wind loading using the ASCE 7-05 (Structural Engineemsfjtute, 2005) method.
Although the turbine loads listed in Table 3-1 were run at the spiséet$ in Section 2.3.9,

this speed should be justified. In this context, EWM50 and EOG50 wind spesds
calculated using the IEC 61400-1 (International Electrotechnicalig€san, 2007) method.

This yielded an EWM50, 3 second wind speed of 136.3 mph (60.9 m/s) and an EOG50 3
second speed of 60.5 mph (27.1 m/s) at a height of 33 ft (10 m). At the @2Z® fin) hub
height, this translates to a EWM50 3 second wind speed of 175.5 mph (78.4noh/ah
EOG50 3 second wind speed of 95.8 mph (42.8 m/s). The wind speeds used hy LaNie
(2005) were an EWM50 3 second gust of 133 mph (59.5 m/s) and an EOG50 3 second gust
of 78 mph (35.0 m/s) at the hub height. While the calculated speeds dgremtwath those
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reported by LaNier, no details were given by that author as to thewspeeds were
calculated. Additionally, the calculated wind speeds in this studyitdo account the AW-
109/3000, such as wind turbine cut-out speed and the specific wind openasingnment
that the turbine was intended for. Therefore, it was judged thatalbalated wind speeds
should be used in the computation of direct wind loads on the towedifdue wind force
and corresponding moments, calculated using the ASCE 7-05 (StruEtgaeering
Institute, 2005) method in conjunction with the calculated EWM50 and EOG50spéetis
are given in Table 3-3. All direct wind shear forces in thetact in the x-direction, and the

moments act in the y-direction.

Table 3-3: Estimated Direct Wind Force Loads at Midheight and Base dhe 322 ft
(98.2 m) Steel Tower at Service-Level

cvmso | Y KipS (KN) | Muy kip-ft (kN-m) | Ve kips (kN) | My kip-ft (kN-m)
126.6 (563) 9930 (13,330) 252 (1121 40,780 (55,300)

£0Gs0 |V Kips (KN) | Muy Kip-ft (kN-m) | Vex kips (kKN) | May kip-ft (kN-m)
20.9 (93.0) 1623 (2200) 41.5 (184.8) 6730 (9120)

Note: The subscripts “M” and “B” represent tower midheight and basgecgvely.

All turbine and direct wind moments and loads were determined usitgy \&gnmation, in

the following manner:
2 -
applled ( ) + (Mx)z (3 1)

applled ( ) +(Fx)2 (3'2)

Additionally, a damage equivalent load (DEL) was given by LakRe05) for the 1.5, 3.6,
and 5.0 MW turbine loading for the purpose of evaluating tower fatigsevas done with
the turbine loads, a curve was fit to these loads based on turbntg eatd a DEL for a 3.0
MW turbine was interpolated. These curves are provided in Figurear8l Figure 3.8.
LaNier (2005) states that industry practice is to consideguatioading independently of
direct wind loading. This is justified as wind loading is caltadaas a static load, and

therefore would not contribute to the fatigue stress range.
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The DEL loads estimated from Figure 3.7 and Figure 3.8 candmeiselable 3-4. Tha&
before each load implies that the reported values correspondihg fatigue load cause a
stress range, which subsequently causes fatigue damage. Agwiie cross section is
circular, and no direct wind forces are considered in the fatigimulation, no vector
summation was needed for the DEL calculation. The DEL thif, 12, Causes a moment

in the same plane as the fatigue momaM;y fat.

Table 3-4: Estimated Damage Equivalent Loads at Tower Top

AV 1y tat, Kips (KN) 26.8 (119.2)
AMy fa, ft-Kip (KN-m) | 1210 (1640)
Note: The subscript “fat” refers to fatigue.

3.2.2 Design

The design of the steel tower was performed using an itergtiveess, utilizing a
spreadsheet to size the tower. The loads detailed above and theassmddiscussed in
Section 2.3.3 were used to complete the design of the tower. In ordemt@ephe design,
the tower semi-vertex angle (i.e., taper angle) was vahieg ttimes along the height. The
angle was kept constant between 0 and 110 ft (33.5 m), 110 ft (33radr@pa ft (67.1 m),
220 ft (67.1 m) and 322 ft (98.2 m). A summary of the design is presented in Table 3-5.

Table 3-5: Summary of the 322 ft (98.2 m) Tall Steel Tower for a 3 MW Turbine

Diameter at Base, in. (m) 216 (5.49)
Shell Thickness at Base, in. (mm) 1.5 (38.1)
Diameter at 110ft (33.5 m), in. (m) 198 (5.03)
Shell Thickness at 110ft (33.5 m), in. (mm 1.25 (31.8)
Diameter at 220ft (67.1 m), in. (m) 168 (4.27)
Shell Thickness at 220ft (67.1 m), in. (mm 1.25 (31.8)
Diameter at 322 ft (98.2 m), in. (m) 120 (3.05)
Shell Thickness at 322ft (98.2 m), in. (mm 1.1 (27.9)
Steel Volume, ft(m®) 1507 (42.7)
Tower Weight, kips (kKN) 739 (3290
Fundamental Natural Frequency of Tower, Hz 0.338

www.manaraa.com



87

The dimensions of the tower are linearly varied at any intiates locations not shown in
Table 3-5, and the tower limit states were checked at 5 ft (1.5 m) increrferggtee height.
The overall design dimensions were primarily controlled by thigu@a resistance of the
tower. However, at the tower base the interaction of flexuradl,ashear, and torsional

capacities became critical. More details are given below.

Tower Ultimate Strength

For Load and Resistance Factor Design (LRFD), it is importe@xamine the interaction of
limit states at the ultimate load level. This interactiodascribed by Equation (2-58). The
governing ultimate load combination is given by Equation (2-9), whichum was
dominated by the EWM50 wind speed load case. Therefore, only the EWI4E6 &re
discussed below with regards to strength. Figure 3.9 depictsiticality of strength along
the height of the tower.

Interaction Limit
300 - - 90
Equation (2-58) \
- 80
250 - T
£ A=
g’ 200 - - 60 %
& 8
- 50 (8}
T 150 - T
(5] - (8]
: Vg
— 100 - 30
- 20
50 -
- 10
O T T T T O
0.000 0.200 0.400 0.600 0.800 1.000 1.200
Interaction Ratio, Equation (2-83)

Figure 3.9: Strength Interaction Ratio for the 322 ft (98.2 m) Steel Tower &sign as per
Equation (2-58)
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At the base of the tower, the raiif),/¢pM,, is 0.811, and the total interaction ratio is 0.912.
The axial compressive ratiB,/¢P, is 0.0963, and the combined shear and torsion term
V/pV,, + T,/ $T,)? is 0.005. The individual components of the ultimate strength
interaction ratio are discussed further below. The sharp discorgmuitiFigure 3.9 at the
height of 220 ft (67 m) correspond to the changing of the semi-vanggg and variance of
wall thickness. A discontinuity occurs at 110 ft (33.5 m) as well, but is lesslefelied.

Ultimate Moment Capacity

The AISC (American Institute of Steel Construction, Inc., 2005) meth®djetailed in
Section 2.3.5, was used to calculate the flexural capacity otébketewer. The tower falls
into the category of a noncompact section, meaning that somebladding is expected to
occur before the full plastic moment capacity of the sectionlegeloped. Therefore,
Equation (2-48) was used to calculate the moment capacity alorigwibe height. At the
tower base, the factored-level moment demand was calculated as 1#&Hp0(241,000
kN-m). The capacity was determined to be 219,000 ft-kip (297,000 kN-miheAbtver top,
the ultimate moment demand was 12,890 ft-kip (17,480 kN-m) with an ultimateent
capacity of 36,000 ft-kip (48,800 kN-m). All moment demand values took artsideration
P-A effects caused by the sway of the tower. Adgtor was used to amplify the moment
demand along the tower length. This factor was calculated frerfolowing equation (after
American Institute of Steel Construction, Inc., 2005):

1 (3-3)
P

1—u

Fe

Bzz

whereP, = factored level axial demand;

P, = elastic buckling capacity.

The elastic buckling capacitg,, for the steel tower was computed as 19,600 kips (87,200
kN) using the Rayleigh-Ritz method as described in Section 2.3.8.r@$udted in aB,

factor ranging from 1.08 at the tower base to 1.03 at the tower top.
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Ultimate Compressive Strength

In order to calculate the compressive capacity of the towmdified version of the AISC
method was used. As Equation (2-41) is intended for non-tapered sectioves ot
utilized. Rather, the elastic buckling stre8s,was obtained by dividing the Rayleigh-Ritz
elastic buckling loadpP,, by the tower cross sectional area. This resulted in anicelast
buckling stress ranging from 19.37 ksi (133.6 MPa) at the tower ba&e4 ksi (451 MPa)

at the tower top. This stress was then used with Equations (2-42P-&3) (n order to
calculate the critical buckling loa#d,,. For all sections along the tower height, the tower was
classified as slender for compression. Therefore, the reductior 13, as described in
Equation (2-44), was used to account for local buckling. This factor rdrayjad.820 at the
tower base to 0.806 at an elevation of 110 ft (33.5 m). This resulted intiaratel
compressive strength ranging from 15,400 kip (68,500 kN) to 8450 kip (37,600 kiN) at
tower base and tower top, respectively. The factored-level essipn demand ranged from
1480 kips (6580 kN) at the tower base to 594 kips (2640 kN) at the tower top.

Ultimate Shear Strength

The ultimate shear strength of the tower was calculated iardamtce with the AISC
specification (American Institute of Steel Construction, Inc., 200%rhvwas described in
Section 2.3.5. The strength of the section is governed by the t#sskear yielding and
shear buckling stress. In all cases along the tower heighh¢lae strength was governed by
shear buckling. The critical buckling stress ranged from 21.991k4i.§ MPa) at the tower
base to 15.57 ksi (107.4 MPa) at the tower top. This resulted in an altsmedr resistance
ranging from 20,000 kips (89,000 kN) at the tower base to 4200 kips (18,680 KN at t
tower top. When this was compared to the maximum factored-level dbgend of 651
kips (2900 MPa), which occurred at the tower base, it was cldaotier shear strength was

not a governing design factor.

Ultimate Torsional Strength

The ultimate torsional capacity was also checked using the Ai&Bod (American Institute
of Steel Construction, Inc., 2005). Similar to shear strength, thenaiscapacity of the
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tower is governed by the lesser of torsional buckling and torsyeelaling strength. Shear
buckling governed the design torsional strength along the entire baigit, resulting in an
ultimate torsional capacity ranging from 137,400 kip-ft (186,300 kN-nfetower base to
16,030 kip-ft (21,700 kN-m) at the tower top. The factored-level torsionaladé was
constant along the tower height and was calculated as 5310 kip-ft KRe@9). It was

therefore concluded that torsional strength of the tower was novexrngng design limit

state.

Local Buckling

Although the occurrence of local buckling was accounted for by the Ld&iSign procedure,
the ECCS method detailed in Section 2.3.5 was used as a second dmeatalculated
critical buckling stress ranged from 40.2 ksi (277 MPa) at the tbase to 39.9 ksi (275
MPa) at the tower top. This uniformity in buckling stress is duéé relatively constant
ratio of tower diameter to thickness along the tower height. Tik@man combined service-
level stress level was 29.06 ksi at the tower base. This inslitaelocal buckling will not

be of concern for service-level loading.

Fatigue

In general, the fatigue load combination given by Equation (2-12) galeh®e overall
dimensions for the tower. Figure 3.10 shows stress range caugbd bgplication of the
DEL compared to the calculated allowable stress range alongviee height. The allowable
stress range was calculated as 2.88 ksi (19.86 MPa) using Equaliff)(ZFhe maximum
calculated stress range caused by the DEL was 2.80 ksi (19.31aMidPa@ccurred at 55 ft
(16.76 m) along the tower height. The resulting demand-to-capatity(DCR) was 0.974.
The tower fatigue stress range shows a trend of a paralyelss sange versus height. Both
the fatigue moment and cross-sectional dimensions of the toveeeade with height.
However, the fatigue moment decreases following a linear \arjatvhile elastic section
modulus of the steel tower follows a cubic variation. This heteragyeimevariation is the
cause of the parabolic shape. Although the DEL fatigue staege rdiverges slightly from

the allowable limit for the top third of the tower, it is estiethfurther optimization would
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result in a material volume reduction of only 1.3%. However, @dsiction would cause the
top third of the tower to be classified as slender for bucklingjtreg in a large decrease in

flexural capacity.

300 - . 90
250 - - 80
Allowable Steel - 70
& 200 - DEL Tower Fatigue Stress Stress Range | ¢ e
o Range [, / =
= - 50 £
2 150 - =
T - 40 T
100 - - 30
- 20
50 -
- 10
O T T T O
1.5000 2.0000 2.5000 3.0000 3.5000
Stress Range, ksi

Figure 3.10: Damage Equivalent Load Fatigue Check for the 322 ft (98.2 m) Steel
Tower Design

Dynamic Properties

The design resulted in a tower with a calculated fundamentiaiah&requency of 0.338 Hz,
using the Rayleigh Method outlined in Section 2.3.8. This frequencwiibs the 1.1P and
2.7P working frequency range (i.e., 0.242 Hz to 0.594 Hz), where P représensational
frequency of the turbine rotor, thereby avoiding any excessivendgnaxcitation of the
tower. Possible vortex shedding was also investigated for thetotessl Based on the ACI
307 (1998) method, the critical vortex shedding wind speed for the stesl ®©%1.10 mph

(4.96 m/s). This wind speed is compared to the range.5df(z.,) < V., < 1.30V(z.,),
where z.,. is taken as 5/6 times the tower height, as described in S&Bof In this
instance, the EOG50 wind speed will govern over the EWM50. The EOG&D speed
range is calculated 33.3-86.6 mph (14.89-38.72 m/s). Therefore, accordingAGItiR@7
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(1998) specification, vortex shedding will not be a design criterion.edewy it should be
noted that at lower speeds (i.e., typical turbine operating spéedspossible that vortex
shedding may occur, causing additional deflection of the tower, anefdferincreased
fatigue loading. Methods for investigation of vortex shedding have tbeeeloped by Chang
(2007) for high-mast light poles, which could be extended to the towatshave been
considered in this study. However, due to the lack of detailed tufhiigeie loading for a
328 ft (100 m) 3.0 MW turbine, it is not possible to determine how ther@ste of vortex
shedding would affect the fatigue life of the tower. For alfohesign, it is expected that a
detailed time history of fatigue loading would be available andtigacontribution of vortex

shedding to fatigue loading could be more rigorously investigated.
Deflection

Tower top deflection can be computed through Equation (2-11). The mraxdisplacement

is given as:

Dax = fw (h—2)dz &
) El(2)
whereM (z) = moment demand along the tower height;
El(z) = tower flexural rigidity along the tower height;
h = tower height; and

z = elevation.

For the steel tower service-level EWM50 wind loading the towerdisplacement was

calculated as 63.6 in (1.617 m). This value corresponds to 1.646% tower drift.

3.2.3 Discussion of Results

The results of the steel tower design establish a basetimevhich to compare the regular
strength concrete and UHPC tower designs. The natural frequency acdehster is within
the “working frequency range”, allowing it to avoid excesgiy@amic amplification. The
total weight of the tower, 739 kip, falls between the Berger/ABAMMW and 3.6MW
designs (516 kip and 899 kip, respectively). With a similar first nlafoeguency and
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weight, this suggests that the ISU steel tower design hasngarsistiffness to the

BergerABAM towers.

As expected, the design of the steel tower yielded a reegelsase diameter of 18 ft (5.49
m). As previously mentioned in Section 1.3.2, this exceeds the transpotiatit of 14.1 ft
(4.3 m), and could not be transported as complete sections without ingrélasi costs

significantly. This further validates the need for alternative tower dgsig

The deflection for the steel tower is very high, exceedingcthieria set out by ACI for
concrete chimneys (ACI Committee 307, 1998). This suggests that tibeflbecomes a
more critical issue at taller hub heights, as all other ddsighstates are satisfied for the
steel tower design. It is likely the turbine manufacturers igpgeermissible towers
deflections, and were these limits known the tower design could vigede The most
obvious solution for decreasing deflections is to increase the basetdr. However, this
would also exacerbate the challenge of transporting largesstet®ons, as well as increase
the volume of steel needed for the design. It should also be notedékat deflections
correspond to the EWM50 wind speed, which is a nonoperating condition furkiee. It

is possible that turbine manufacturers have different deflectioits|for operating and

nonoperating states.
3.3 Concrete Towers

3.3.1 Loading
The prestressed concrete tower experiences the same lohesséset tower except for the
direct wind load and self-weight. The turbine loads and axial loadbeaeen in Table 3-1

and

Table 3-2, respectively. In addition to the listed axial load, thé $etkweight of the tower
was 2220 kips (9880 kN) based on the concrete tower dimensions listeden3TabAgain,
the direct wind force on the tower was calculated using ASCEEI, (2005) for flexible
structures. Due to the variance in tower dimensions and naturalefrey this load is

different from that calculated for the steel tower. The coactetver has a significantly

www.manaraa.com



94

larger natural frequency, 0.568 Hz, which results in a decreasedpnessure. However, the
overall tower dimensions (discussed in Section 3.3.2) are nearly 15lérger, resulting in
a net increase in direct wind load on the tower. The results afithet wind load for the
EWMS50 (3 sec. wind speed of 136.3 mph [60.9 m/s]) and an EOG50 (3 sed.fp&0.5
mph [27.1 m/s]) are shown in Table 3-6.

Table 3-6: Estimated Direct Wind Force Loads at Midheight and Base dhe 322 ft
(98.2 m) Concrete Tower at Service-Level

c s | KipS (KN) | My fi-k (kN-m) | Ve kips (kN) | Mey ft-k (kN-m)
137.6 (612) | 10,260 (13,910) 300 (1334) 46,000 (62,400)

0G50 |V Kips (KN) | Muy fi-k (kKN-m) | Ve kips (kN) | Mey fi-k (kN-m)
24.3 (108.1) 1805 (2450) 53.2 (237 8120 (11,01p)

Note: The subscripts “M” and “B” represent tower midheight and base, respgective

Due to the lack of a detailed time history of fatigue loadingaf8r0 MW turbine at a 328 ft
(100 m) hub height and as the MC90 (Comite Euro-International Du BE26A) allows for
the verification of fatigue strength through the applicatioa single load, the same Damage
Equivalent Loads, shown Table 3-4, were used in checking the fatigergth of the tower.
For the concrete tower, it was assumed that the DEL caused as a sgesSa,agand a stress
reversal ofAc/2. Therefore, the total stress at a given point on a towrHs" /A + Ao /2,
where P is the axial load on the tower, and F is the presigefgsce at a given tower cross

section.

3.3.2 Design

As with the steel tower design, the concrete tower was dekigitie an iterative process, as
the design and loads were coupled through the tower geometry andidymaperties. The
results of the design are summarized in Table 3-7. In orderilitet®can easy comparison to
previous designs, the concrete tower semi-vertex angle wasaglsed three times. The
tower was designed as a bonded post-tensioned structure assurksid@®9 MPa) high-
strength grout was used. In order to further optimize the desigrarea of post-tensioning
steel was also varied three times, with cut-off points coincidiitly the change in tower

semi-vertex angle.
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Table 3-7: Summary of the 322 ft (98.2 m) Tall Concrete Tower for a 3 MW Turbine

Compressive Strength, ksi (MPa) 7 (48)
Post-tensioning Effective Steel Stress, ksi (MPa) 180 (1241)
Diameter at Base, in (m) 360 (9.15)
Shell Thickness from 0-110 ft (0-33.5 m), in. (mm) 8.375(213)
Number of 0.6-in. (15 mm) diameters tendons along the
center of the shell, 94 (4-strand bundle
0-110 ft (0-33.5m)
Diameter at 110ft, in. (m) 312 (7.93)
Shell Thickness from 110-220ft (33.5-66.7 m), in. (mm 7.875 (200)
Number of 0.6-in (15(332.?_)6%|.z;mr§)ters tendons, 110-220 ft67 (4-strand bundle
Diameter at 220ft (66.7 m), in. (m) 222 (5.64)
Shell Thickness from 220-322 ft (66.7-98.2 m), in. (mm 9.4 (239)
Number of 0.6-in (1?6rglr;1_)9%|.azmr§)ters tendons, 220-322 ft49 (4-strand bundle
Diameter at 322 ft (98.2m), in. (m) 130.5 (3.31)
Concrete Volume, yt{m®) 574 (439)
Tower Weight, kips (kN) 2300 (10,230)
Fundamental Natural Frequency of Tower, Hz 0.568

Service-Level Moment Capacity

The tower was initially sized based on the criterion of allowdegp tension stress under
service level load conditions. In addition, the allowable stresgslispecified by ACI
(Section 2.3.6) were considered. Since both the turbine and direct wind loads areaiynam
amplified, they were again treated as an equivalent static Tdeatefore, the lower and
upper limits set by ACI for concrete compression, presentedqumtion (2-82), were
averaged, and a limit df.53f. was set for concrete compression under service loads. This

yields the following design constraints,

M, = (F + P)( Ltrans ) (3-5)

Atrans Ctension

(3-6)

(F + P) + (Mrccompression

I trans

) < 0.53f/

A trans

whereF = prestressing force on the section;
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P = service-level axial load;

Atrans = transformed section area,;

Itrans = transformed section moment of inertia;

Ctension = Ccompression = distance from the neutral axis to the extreme compression or
tension fiber; and

f; = 28-day concrete compressive strength.

As with the steel tower, the governing IEC load case was WiMED wind speed and the
governing load combination was Equation (2-11). The governing limiésstalong the
bottom two-thirds of the tower height were crushing of concrete andliegzero tension as

per Equations (3-5) and (3-6), respectively. An ideal design should balase conditions
perfectly, so the tension side of the tower reaches zero ag¢le compressive side reaches
the imposed limit 00.53f.. Presented below are plots of demand and capacity for these limit
states. The sharp drops in capacity in Figure 3.11 correspond tat-ibike of post-tensioning
tendons. Similarly, the drops in compressive stress (Figure 3.12)idmimath the

elimination of unused post-tensioning ducts (and therefore an increase in net area)

At the tower base, the service level moment capacity was 128;8(0 (169,500 kN-m)
with a calculated demand of 124,700 ft-kip (169,100 kN-m). At the tower tofsetivece-
level moment capacity was calculated as 19,130 kip-ft (25,940 kN-th) avdemand of
9,330 kip-ft (12,650 kN-m). This includesBa factor, which was calculated from Equation
(3-3) which and ranged from 1.007 to 1.042. In order to evaluate thisr,factglobal
buckling load was necessary. This buckling load, calculated usirigayleigh-Ritz method
detailed in Section 2.3.8, was determined to be 82,300 kips (366,000 kN).
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Figure 3.11: Comparison of Service-Level Moment Capacity and Demand fahe 322 ft
(98.2 m) Concrete Tower Design as per Equation (3-5)
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Figure 3.12: Comparison of Service-Level Compressive Stress DenabAgainst the
Allowable Stress Limit for the 322 ft (98.2 m) Concrete Tower Design agpEquation
(3-6)
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Ultimate Moment Capacity

Although it is typical for service level moment capacity twern over the ultimate moment
limit state, an ultimate moment capacity was calculaté&@dints along the tower. In order
to complete this calculation, the constraints of strain compayitahid force equilibrium
were used. Rather than using a stress block approach, it was ddwdldtie use of a
characteristic concrete stress-strain curve would be momem@pie. For this method, the
cross section was discretized into strips, and the values dof/stras were assumed to be

constant over each strip. The following steps detail the methodology used:
1) Choose a neutral axis depth,.

2) Assuming concrete crushing strain will govern the ultimate ¢gpaet the strain

at the extreme compressive fibertg; 0.004 was used for this design.

3) Calculate the strain at the centroid of all concrete stigp&ring the contribution

of concrete tension.

4) Calculate the stresg,, in each concrete strip using the model by Mander et al.
(1988). This model is described in detail below.

5) Calculate the compressive foreg,in each concrete strip.
6) Calculate the incremental stralxg, at the centroid of each steel tendon cluster.

7) Calculate the total straim,s, at the centroid of each steel tendon cluster (see
further description of this calculation below). Ensure that no valwstrain has

exceeded the fracture strain; 0.05 was used in this study.

8) Calculate the tensile stregs, in each tendon group (see PCI model below (PCI
Industry Handbook Committee, 2004).

9) Calculate the tensile forcg, in each tendon group.
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10)Sum the compressive forc&s= Y7 c;. Sum the tensile force8,= YT"t;. If

C+T =P, move on to Step 11. Otherwise, revise the neutral axis depth and

restart the process.

11)Sum the moments about the centroid to determine the ultimate namonaént

capacity, using the following equation:

n m 3-7
M, = Z(Ci X de) + Z(tj X dy;) o

where d.; = the distance from the centroid of the concrete strip fofcdp the
section centroid; and
d;j = the distance from the centroid of the steel fotgeto the section

centroid.

The flexural strength reduction factor was taken ¢8$,q4ing = 0.9 (Post-Tensioning

Institute, 2006). It should be noted that this method is not valid if temdotufe governed
the ultimate capacity. However, this was not observed for therdesdylitionally, as this
method is intrinsically iterative, it lends itself well to spreadshee#sohethods.

ASTM A 416 tendons (270 ksi fracture stress) were used for this design. PCI (200dgpr

an approximate stress-strain model for these tendons:

Fore,s < 0.0086,

_ (28,5008 (ksi) (3-8)
ps = {196,5005,,5 (MPa)

Fore,, > 0.0086,

0.04 (3-9)
270 - ——— (ksi
~ £ = 0.007 sV
fos = reete_ 027579
| 18616~ o007 MPD
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whereg,; = the total strain in the post-tensioning strands; and

fps = the stress in the post-tensioning strands.

The concrete stress-strain model by Mander et al. (1988) wdsasdtain stresses in the
concrete for the ultimate capacity calculation. Although this made$ designed for
confined concrete stress-strain behavior, it can be used for uncoodineette by setting the

confinement stress equal to zero. The model (for unconfined concrete) iDasoll

oS (3-10)
€ r—1+4x"
X = i (3'11)
ECC
. E. (3-12)
Ec - Esec
{60,000\/E (psi) (3-13)
E, =
5000,/f; (MPa)
fe (3-14)
Eger = gc
cc

wheref. = concrete stress for a given strain level;
f; = 28-day compressive strength of the concrete;
g. = concrete strain level; and

&.c = concrete crushing strain (0.002 was used for this report).

A stress-strain curve for this model, using 7 ksi (44 MPa) 38sieength concrete, is
presented in Figure 3.13.

The ultimate capacity of the tower was in all cases higeen the factored-level moment
demand. At the tower base, the ultimate moment capacity wadated as 235,000 ft-kip
(319,000 kN-m) and demand was calculated as 178,200 ft-kip (241,600 kN-m) kigte At
top of the tower, the capacity was determined to be 34,900 ft-kip (47,300) khith a
calculated demand of 12,590 ft-k (17,070 kN-m).
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Figure 3.13: Stress-Strain Model for 7 ksi (44 MPa) Concrete as per Eqtions (3-10) to
(3-14)

Service-Level and Ultimate Shear Capacity

In addition to the above limit states, shear was checked both nace sevel limit state and
ultimate limit state. At the service level, the tower veaamined along the height for shear
cracking due to the combination of shear and torsional stresses.dbqi2zaéi4) was used to
evaluate the possibility of cracking along the tower height. Taeimum principal tensile
stress developed through the combination of shear and torsional stnesgg = 58.7 psi
(0.405 MPa). Compared to the tensile strength of concrete, estiam@93 psi (2.02 MPa)
by Equation (2-94), no shear cracking will occur under service levatlittons. At the
ultimate limit state, concrete shear strength is governedhéylesser of inclined shear
cracking and flexure shear cracking. In all cases, flexurarsheacking governed the
ultimate shear strength of the concrete. At every point onaWwertthe design concrete
strength®V,, was greater than the factored level shear demand, as seen in Figure 3.14.
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Figure 3.14: Comparison of Ultimate Concrete Shear Demand and Capagitor the 322
ft (98.2 m) Concrete Tower Design as per Equations (2-85) and (2-86)

As concrete shear strength is taken as the shear level evheking occurs, and since a
lateral force applied at the top of a cantilever column causes thet large®ent at the bottom
of the column, the applied shear at the bottom of the column is much te#ne cracking
shear than at the top. Therefore, the increasing shear stedrtbetop of the tower can be
attributed to the widening gap betweEpand M_,./M,, in Equation (2-84). However, the
concrete shear strength is never twice demand, indicating theeraguai for minimum shear
reinforcement according to ACI recommendations (ACI Committee 3@88). It should
also be noted that the shear area in Equations (2-84) and (2-86)keasat.84;,4s-
Cheng et al. (2003) suggest a shear area given by Equation (3-15):

T -
Ashear = ZD(Zt) (3 15)

whereD = shell outside diameter

t = shell thickness
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This corresponds to approximatelypAg,,ss. The use of this shear area for the 322 ft (100

m) concrete tower has been investigated further by Lewin atith@um (2010). Although the
shear strength of the tower was reduced, it was found thatgthrthe use of minimal

transverse shear reinforcing the total shear capacity was adequate.

Ultimate Torsional Capacity

The tower was checked for sufficient resistance to torsioachdred level loads. Equation
(2-87) was used to check the adequacy of the tower cross sediomisions for the
interaction of torsion and shear. The results of the equation indimttower has a high
resistance to torsion. The most critical area of the towethisrlimit state was the top,
having a demand-to-capacity ratio (the left-hand side of Equ&ti8i)(divided by the right-
hand side) of 0.311. Although this section is adequate for torsionahressit is important
to note that a final design should specify transverse reinforcetoesdtisfy the torsion

demand.

Fatigue

For concrete towers, the fatigue strength of both the steeltggmsbning tendons and
concrete elements needed to be examined. For both cases, the agpsoaitied in Section
2.3.6 for the MC90 (Comite Euro-International Du Beton, 1990) was used. Although moment
capacity governed the diameter of the entire tower, as welakhshicknesses from 0-220 ft
(0-67.1 m), concrete fatigue governed the wall thicknesses fror322Q7 ft (98.2 m). In
order to satisfy Equation (2-68), a wall thickness of 9.4 in. (239 mas) required. The
resulting fatigue life of the concrete is extremely highgiag from 10.00x1% cycles at the
tower base to 6.27x¥@ycles at the tower top. Although the minimum fatigue lifdfais
beyond the required 5.29xX16ycles, this was achieved by a relatively modest increase in
tower wall thickness. For example, were a wall thickness of9.229 mm) used in the top
third of the tower, the fatigue life of the tower would be reduced.333 x18 cycles. A
small increase in concrete material allows for a large igaiatigue life. For the prestressing
steel, the allowable stress range was 10.05 ksi (69.3 MPa). Aartiest, the steel fatigue
stress range was 1.028 ksi (7.09 MPa), much lower than the aliowahie. When
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compared the number of cycles expected for a 20 year turbines B@x16, there is a

potential for re-use of the tower after the turbine is decommissioned.

Dynamic Properties

The fundamental frequency of this tower was calculated as 0.56&\ltHmugh this is

towards the upper end of the working frequency range 1.1P and 2.7P (@.242.H94 Hz),
it does not exceed it. Vortex shedding was also examined foraher,tas detailed in
Section 2.3.6. The critical vortex shedding speed was calculated am@.8.0.63 m/s).
This value is compared to the tower’s design wind speed rangeh Wdrithe EOG50 is
calculated 33.3-86.6 mph (14.89-33.7 m/s). Therefore, vortex shedding will notfoctus

322 ft (98.2 m) concrete tower.

Deflection

The tower top deflection for the EWM50 wind speed was calculated for the eotwnetr as
15.98 in (0.406 m), corresponding to 0.413% drift.

3.3.3 Discussion of Results

The design of the concrete tower satisfies, for the given Igadihnecessary criteria. The
tower natural frequency is approaching the upper end of the working figquenge, but

does not exceed it. This design solution could be refined further thtbegcalibration the

turbine loads to include the specific dynamic amplification caukedconcrete tower’'s
natural frequency. It is also useful to note that the flexybdit the foundation will likely

decrease the concrete tower’s stiffness, and therefore its natqredricy (LaNier, 2005)

The tower weight, 2290 kips (10,190 kN), is significantly less tharBdérgerABAM 1.5

MW and 3.6 MW designs, 3254 kips (14,480 kN) and 4579 kip (20,370 kN), respectively
(LaNier, 2005). This is likely due to Berger/ABAM’s chosen bdiseneter of 25 ft (7.62 m).
This dimension requires a wall thickness of around three ti®id% Idesign. It is possible
that BergerABAM tuned their tower dimensions in order to reach the targealfadguency
range, as it is specified for their 1.5 MW tower that natuegjuiiency controlled the design.

Additionally, BergerABAM chose to use an effective post-tensioniregstof 160 ksi (1003
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MPa), while the design here assumed an effective a post-teng&inéss after losses of 180
ksi (1241 MPa).

At first glance, Figure 3.10 suggests that the tower could be fuoiiemized along its
length. However, this would involve additional prestress staging. bt#ssof this would
depend on the construction costs of post-tensioning at additional levelss &h®ssibility,
as the tower would likely be transported in more than three seesosscurrently done with
steel towers. Similar to the steel tower, the design could bedeby applying a history of
simulated or field-collected load cycles in order to more acelyratvaluate the fatigue life
of the tower.

Although a limiting deflection for wind turbine towers has not beemd, it judged that the
322 ft (98.2 m) concrete tower would require little revision for déflecwere a limit

specified.

3.4 Summary

Using the same loading criteria as Berger/ABAM towers, both 82982 m) steel and
concrete towers designs were completed. A comparison of thendessglts, including
controlling limit states for the towers is presented in Tab& Bhe 322 ft (98.2 m) steel
tower resulted in a similar design to Berger/ABAM’s solutioonfirming the assumption
that required section diameters would make highway transportation ofntimma steel
towers impossible. Both BergerABAM’s (LaNier, 2005) 328 ft (100 raglstower and the
steel tower designed in this study would likely require furtb@&nement to meet deflection
limits, with 0.919% and 1.646% respectively. This could include increasinigeo822 ft
(98.2 m) steel tower’s base diameter. However, this increasashtllenges associated with
transporting large diameter steel tubes using current metAodd#ionally, the governing
limit state for the 322 ft (98.2 m) tower designed in this study was fatiguéinijnine design

life of the tower to 20 years.

The 322 ft (98.2 m) concrete tower design is significantly ligtaeer than Berger/ABAM’s
design. This could be due to Berger/ABAM tuning their design to makftral frequency
requirements, as well as their choice of base dimension andpstgelensioning stress.
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Berger/ABAM’s concrete towers’ natural frequencies areetlds the center of this range,
ranging from 0.377 to 0.384 (LaNier, 2005). The fundamental natural frequétioy (SU
concrete tower design, 0.568 Hz, is just within the desired working frequamgg.rThe ISU
tower could be refined by tuning the dimensions to bring fundamental In&egaency
closer to the center of the working range. Additionally, foundati@xidllity would
somewhat decrease the fundamental natural frequency of the IStdete tower. The
deflection of the 322 ft (98.2 m) concrete tower is much lower tharstéed tower, at
0.413% drift. The governing limit state for the concrete tower Wwaservice-level moment
capacity, rather than fatigue. This indicates that the 322 ft (98&@ntrete tower’s design

life would far exceed 20 years.

Table 3-8: Comparison of Design Results for 322 ft (98.2 m) Steel and Pressed
Concrete Tower Designs

322 ft (98.2 m) Steel 322 ft (98.2 m) Prestressed
Tower Concrete Tower
Weight, kips (kN) 739 (3290) 2290 (10,190)
Maximum Strength DCR 0.912, Equation (2-58) 0.997, Equation (2-82)
Maximum Shear DCR 0.0773 0.881
Maximum Fatigue DCR 0.972 0.0844
Deflection, % Drift 1.646 0.413
Fundamental Natural Frequengy 0.338 0.568
Strength at tower base, Serwcr:]e-level tOW(far flexural |
Controlling Limit State Fatigue along the tower strengt » concrete fatigue (wa
; thickness for 220-322 ft [67.1-
height 98.2 m))
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4 DESIGN OF UHPC TOWERS

4.1 Overview

As implied in Section 1.4, the use of UHPC was expected to prowvideative solutions to
wind turbine towers. Additionally, it is important to look for innovatskesigns to make
UHPC towers cost effective. Consequently, it was realized thataheraultiple options that
exist for the design of a UHPC wind turbine tower. The two thee leeen identified, and
that will be subsequently investigated in this report, are the UBR€ Tower and the
UHPC Lattice Tower, with several different variations for tager concept. As baseline
322ft (98.2 m) tall concrete and steel designs have been developadHBT tower design
can then be compared directly to them. To facilitate this casgmarboth UHPC tower
alternatives have been designed for the same wind turbine, thEOARONiIndpower AW-
109/3000, as the concrete/steel alternatives. Additionally, they heem designed for the
same surface roughness (class D) and wind speed load cas&4sQEavid EOGS50, as

discussed in Section 3.2.1).

4.2 UHPC Shell Tower

The UHPC Shell tower is an extension of the 322 ft (98.2 m)rpess&td concrete tower
design concept presented in Section 3.3. It does not representah madicdesign, but rather
seeks to refine current designs using an innovative materialw#s done with the
prestressed concrete tower, the UHPC Shell concept was elgsag a bonded, post-

tensioned structure.

4.2.1 Loading

Since the UHPC shell tower does not represent a significaattdep from the current wind
turbine towers, the loading on the tower should be expected to remdar.sii tower top
loads will remain the same as for the concrete and steiginde Turbine loads can be seen in

Table 3-1 and axial loads (excluding dead load) can be found in
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Table 3-2. As direct wind loads are based on the tower dimensions amal fiaquency,
they will be unique for each tower. The direct wind loads for th@®OI$hell can be seen in
Table 4-1.

Table 4-1: Estimated Direct Wind Force Loads at Midheight and Base ohe 322 ft
(98.2 m) UHPC Shell Tower at Service-Level

EvMso |V Kips (KN) | My Kip-ft (kN-m) | Vex kips (kN) | Mgy kip-ft (kN-m)
126.3 (562) 9890 (13,410) 261 (1161) 41,300 (56,000)

£0G50 | Vi kips (KN) | Muy kip-ft (kN-m) | Ve kips (kN) | Msy Kip-ft (kN-m)
21.1 (93.9) 1650 (2240) 43.6 (193.9) 6900 (9360)

Note: The subscripts “M” and “B” represent tower midheight and base, respgctive

The self-weight of the UHPC tower (including steel post-tensioning tendo8&d ikips
(3850 kN). The fatigue loads on the tower remain the same as with previous desigms, and
listed in Table 3-4.

4.2.2 Design

As with the steel and concrete designs, the design of the UHPCI@&thel was done using
an iterative, spreadsheet driven process as detailed belowddsigned as a grouted post-
tensioned tower, utilizing 0.6-in. (15 mm) diameter strands with 27(1860 MPa) ultimate
tensile strength. The semi-vertex angle (wall slope) of the towsmaried at 110 ft (33.5 m)
and 220 ft (67.1 m). As with the concrete tower design, post-tensionmgtaged, and cut-
offfanchor points coincide with the changes in semi-vertexearigie results of the UHPC

shell design are summarized in Table 4-2.

The design methodology for the UHPC Shell tower is similanab used in the design of the
regular strength concrete tower. To initially size the towero tension stress was allowed to
develop due to flexural action, while the compressive stressimasd to 0.53f., as was
done with the 322 ft (98.2 m) concrete tower in Section 3.3.2. Equationsa(®+%3-6) were
modified, using the net area instead of the transformed area,eaedused to evaluate this
criteria. This approach was deemed necessary because of thatchisn strength between
UHPC strength (26 ksi [1860 MPa]) and typical grout (10 ksi [68.9 M#hal) is used in
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bonded post-tensioning. The governing load wind speed was EWM50, with dfg(tl1)

as the governing load case.

Table 4-2: Summary of the 322 ft (98.2 m) Tall UHPC Shell Tower for a 3 MW Turlrie

Compressive Strength, ksi (MPa) 26 (179.3)
Post-tensioning Effective Stress, ksi (MPa) 180 (1241
Diameter at Base, in. (m) 270 (6.86)
Shell Thickness from 0-110 ft (0-33.5 m), in. (mm) 4.25 (108.0
Number of 0.6-in. (15 mm) diameter tendons, 0-110 ft 121 (4-strand
bundle)
Diameter at 110ft (33.5 m), in. (m) 213 (5.41)
Shell Thickness from 110-220 ft, in. (mm) 3.865 (98.2
. . 93 (4-strand
Number of 0.6-in (15 mm) diameter tendons, 110-220 ft (33.5-67.1 m) bundle)
Diameter at 220 ft (67.1 m), in. (m) 166.5 (4.23)
Shell Thickness from 220-322 ft (67.1-98.2 m), in. (mm) 3.25 (82.6
Number of 0.6-in (15 mm) diameter tendons, 220-322 ft (67.1-98.2 m)GOb(u4r;ngnd
Diameter at 322 ft (98.2 m), in. (m) 132 (3.35)
UHPC Volume, yd(m°) 183 (139.9)
Tower Weight, kips (kKN) 866 (3850)
Fundamental Natural Frequency of Tower, Hz 0.372

Service-Level Moment Capacity

The service level moment capacity at the base was 127,100 KipZt300 kN-m), with
calculated demand of 124,200 kip-ft (168,400 kN-m). At the tower top, the maagestity
was determined to be 31,100 kip-ft (42,200 kN-m), with a calculated dem&ndioof kip-ft
(12,870 kN-m). As with the prestressed concrete desidh, f@ctor was calculated using
Equation (3-3) to account for the Aeffects. Equation (2-101) was used to calculate a
buckling strength for the UHPC Shell tower, resulting.in= 24,200 kips (107,700 kN). The
B, ranged from 1.025 at the tower top to 1.071 at the tower base.athis has already
been included with the previously stated moment demand. Servicestewveént capacity
versus demand along the height of the tower, which was obtained ihitreig@valuation of
Equation (3-5), is presented in Figure 4.1. Stress limits alondhefght of the tower,

described by Equation (3-6), can be seen in Figure 4.2. The suddeasénarecapacity in
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Figure 4.1 and sudden decrease in stress levels observediie #ig are due to the decrease
in post-tensioning force at the height of 110 ft (33.5 m) and 220 ft (67.1 wnekt

capacity is sharply reduced at these points due to reduction dfepsdsg force, while

compressive stress drops due to the reduction of unnecessary piostitgnducts and an

increase in net area. In general, these two limits goverovigrall dimensions of the tower.

However, it can be seen for the upper-third of the tower that the eegiyg stresses in the

tower diverge from the limit, which is due to shear strength gawgrthis portion of the

tower. This is discussed further later in this section.

Moment, kN-m
0.00 50,000.00 100,000.00 150,000.00
300 - - 90
. - 80
250 - Moment Capacity
/ - 70
& 200 - - 60 €
= 50 E
S 150 - 50 =
T / - 40 T
100 - -
Moment Demand 28
50 -
- 10
O T T T T T T O
0 20,000 40,000 60,000 80,000 100,000 120,000 140,000
Moment, ft-k

Figure 4.1: Comparison of Service-Level Moment Capacity and Demand fdhe 322 ft
(98.2 m) UHPC Shell Tower Design as per Equation (3-5)
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Compressive Stress, MPa
62.1 72.1 82.1 92.1 102.1
300 - 90
250 Compressive I 38
Stress Limit, i
£ 200 UHPC .~ 0.53f, - 60 E
i compressive —
S 150 stress g - 50 5
L 40 8
100 - 30
50 - 20
- 10
O 1 1 1 1 1 1 O
9.0 10.0 11.0 12.0 13.0 14.0 15.0 16.0
Compressive Stress, ksi

Figure 4.2: Comparison of Compressive Stress Demand against the Allalte Stress
Limit for the 322 ft (98.2 m) UHPC Shell Tower Design as per Equation (3-6)

Ultimate Moment Capacity

The ultimate moment capacity of the tower was calculateditatal points along the tower
height, in a similar manner as presented in Section 3.3.2 for theetosbell design. The
same stress-strain model was used for the post-tensioning tendossteBkestrain behavior
of the UHPC was modeled as shown in Figure 2.4. At the ultitmatestate, the tensile
strength of the UHPC was conservatively ignored. In alls;dke ultimate moment capacity
was shown to be higher than the factored-level moment demand incRidimdfects. At the
tower base, the ultimate moment capacity was 238,000 ft-kip (323,000 kihite) the
demand was calculated as 176,700 ft-kip (240,000 kKN-m). At the tower topltithate
moment capacity was determined to be 50,400 ft-kip (68,300 kN-m), a ¢attdiemand of
12,800 ft-kip (17,350 kN-m).
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Service-Level and Ultimate Shear Capacity

Shear capacity of the tower was checked at both serviceatntityltimate limit states along
the tower height. At the service level state, the tower \wasked for cracking caused by a
combination of shear force and torsional moment. A modified version of Equation (2-94) was

used to verify shear service level capacity as shown below:

(4-1)

foe\” f
(% + (1)% - % < ft,cracking

wheref,. = axial stress at the centroid due to prestressing;
T = service-level shear stress; and
ftcracking = 1.3 ksi (8.96 MPa), and is the cracking tensile strength of UHPC
(Bristow & Sritharan, To be published)

For the UHPC Shell design, the combination of shear and torsion seitviee-level never
overcome the cracking strength of UHPC. The most critical condsmatcurs at the tower
top, with a principal stress value of only 0.0981 ksi (0.676 MPa). As thie \@much lower
than the capacity, shear cracking at service levels should not be of concern.

The ultimate shear capacity was checked based on the AfBfagqAssociation Francaise

de Génie Civil/SETRA, 2002, Equations (2-88) and (2-89). Based on the recontimenda
from JGC No. 9 (2006), the crack width anglewas limited to a minimum of 30 degrees.
The most critical location for shear demand versus capacéthe tower top. However, the
demand to capacity ratio (DCR) at this location is only 0.20, sporeding to a calculated

capacity of 1657 kips (7370 kN) and a demand of 324 kips (1441 kN). It should behaited
the steel fiber shear resistance provides more than 6 timesi@s capacity as the pure
concrete shear resistance. The shear area for Equations (2-882-88Q was taken as

0.84,,.-
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Ultimate Torsional Moment Capacity

The torsion capacity at the ultimate limit state, as welslzear and torsion interaction was
checked in accordance with Equation (2-91). The strength reduction factor ifon t¢rsvas
set to the value of 0.7 (Gowripalan & Gilbert, 2000). As with shaangth, the critical
section for torsion is at the tower top. This should be expected, &srshenal moment is
constant along the height of the tower. At the tower top, the REROrsion is 0.55, well
below 1.0. This corresponds to a torsional moment capacity of 9,680 kip-ft (13\1&1)
and a demand of 5310 kip-ft (7200 kKN-m).

Torsion and Shear Interaction

Although neither shear nor torsion govern the design individually, the ctiteraof the two
becomes critical for the top-third of the tower. When Equation (2i92valuated, it is
critical at the tower top, reaching a value of 0.745 versus an alealae of 0.75. The top-
third tower diameter and wall thickness were governed by tmg btate. Lewin and
Sritharan (2010) evaluated the effect of using the shear @réalfow structural sections as
suggested by Cheng et al. (2003) and described by Equation (3hiH)yesulted in a shear
area of approximatel9.514,, ... However, when a more realistic value for UHPC tensile
cracking strength was used in Equation (2-91), i.e., 1.3 ksi (8.96 MPauttesmt UHPC
Shell tower design satisfied the torsion and shear interaction limit state.

Fatigue

As with the concrete tower, both the UHPC and steel post-tensitanidgns were checked
for fatigue loading. Recommendations from JGC No. 9 (2006) wened to evaluate the
UHPC fatigue resistance (Equation (2-93)). The allowabkesstrange for the concrete,
given a design life of 5.29xi@ycles, was found to be 6.37 ksi (57.1 MPa). The largest
calculated stress range in the tower was only 0.726 ksi (5.@), MEcurring at an elevation

of 220 ft (67.1 m). The MC90 (Comite Euro-International Du Beton, 199@) wead to
evaluate the fatigue resistance of the post-tensioning steelg Wsjuation (2-65), the
allowable stress range was determined to be 10.05 ksi (69.3 MPaprgést stress range
calculated in the steel was 2.78 ksi (19.17 MPa), also occurring at 220 ft (67.1 m).
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Dynamic Properties

The calculated natural frequency of the tower was 0.372 Hz, vithiihwthe working range

for a 3.0 MW turbine. Additionally, the critical wind speed for vortelxedding was

calculated as 18.62 mph (5.67 m/s), falling below the EOG50 desighspeed range of
33.3-86.66 mph (14.89-38.7 m/s). Therefore, vortex shedding will not be of concéine fo
322 ft (98.2 m) UHPC Shell tower.

Deflection

Lateral deflection was calculated for the UHPC Shelleatise-level EWM50 wind speeds
to be 55.18 in. (1.402 m) at the tower top corresponding to 1.427% drift.

4.2.3 Discussion

The results for the UHPC Shell Tower yielded a design thatasg 31.9 % of the material
used in a regular strength concrete design. While this repseaemtore efficient use of
resources, it also implies drastically reduced transportatnmh censtruction costs. The
UHPC Shell tower’s weight is very close to that of aldiaser: 866 kips (3850 kN) vs. 739
kips (3290 kN), respectively.

Fatigue is never the governing limit state for the desigh@fJHPC shell. The UHPC Shell
tower’s fatigue is 5.63x¥8 cycles, much greater than that of the wind turbine itself, and is
controlled by the fatigue of the steel tendons. This long fatifeevbuld allow the tower to
outlast the typical turbine 20 year design life, implying the taveeilld be used with multiple

turbines over its life cycle.

As noted previously, shear and torsion interaction governs the uppampaoftthe tower
design. This is due to the material’'s excellent compresgigegth, which allows for slender
sections with high flexural resistance. However, as sheatanse is related to the square
root of compressive strength, it was not unexpected that the sheandsecritical. This is
not observed in the concrete tower, as larger wall thicknesseseaessary for moment

resistance.
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The natural frequency of the UHPC shell tower, 0.372 Hz, was w#iinasthe working

frequency range for a 3 MW turbine, validating the assumed turbine loading.

The UHPC Shell deflection significantly exceeds the limiig ¢aut by ACI 307 (1998), lying
somewhere between the 322 ft (98.2 m) steel and concrete towestidefie At 1.427%
drift, its deflections are 1.53 and 2.78 times as large as BeBgdvl’s (LaNier, 2005) 3.6
MW steel and concrete towers, respectively. This would suggeshth& HPC Shell tower
design would have to be refined if the turbine manufacturer requisedall deflection for
the tower, most likely increasing its base diameter angdhane of UHPC and prestressing
steel.

4.3 UHPC Lattice Tower

The UHPC Lattice Tower is an investigation into a potentiallyenedficient use of UHPC

while limiting lateral tower deflection and improving its constability. While the UHPC

Shell design represents a direct conversion of current steel angteodesigns, the Lattice
Tower is a significant departure from standard practice. The wa examining this concept
lies within the potential savings in materials, transportation, and erecsts co

The general concept of the Lattice Tower is to concentrate the UHPGXictdiemns. These
columns utilize unbonded post-tensioning, and are tied together interipitisimg bracing.
If sufficiently braced, the columns will act compositely, andstdsteral loads as a whole.
Depending on the direction of loading, half of the columns will gdlyebe subjected only
to tension, while the others experience compression. As long asntleesieers do not act
independently of each other, they can remain relatively slendeonéeptual rendering of
the Lattice Tower concept is shown in Figure 4.3. While this rendering sliéipeitower with
only horizontal bracing members, multiple options exist for brattiegJHPC columns. An
open-air concept would combine the horizontal bracing members shoiguire 4.3 with
diagonal cross bracing. The horizontal and cross bracing could cohswmtcrete, steel, or
even UHPC members. For aesthetic reasons, the tower could then be wrapppediarals
fabric, giving it the appearance of typical wind turbine toweengoday. Alternatively, thin
concrete or UHPC panels could span between the columns, connectedte¢snthrough

the use of pinned connections. A rendering of this concept can be seen in Figure 4.4.
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Figure 4.3: AView of the Lattice Tower Figure 4.4: A View of the Lattice Tower
with Horizontal Bracing with Concrete Panel Bracing
4.3.1 Loading

Although multiple bracing options are available the UHPC Lattice tower, this desi
focused on the use of horntal bracing and diagonal cross bracinghea than concret
panels. As such, the tower face is partially odiowing some wind to pass thou This is
one area where the loading on the tower signifigadiffers from the loading on th
previously discussed designs. However, as thiggdasiless common, the direct wind lo
on the tower is less wetlefined. To determinghis loading, the ASCE 7(Structural
Engineering Institute, 200%as utilized in the following mannerh& design has the sar
assumed environment as the steel, concrete, an€C\Shell tower designgnd therefore the
gust effect factor and velocity pressiwere calculated as previously. However, tforce
coefficient, G. wassignificantly different for n openair design versus a smooth shell.

calculate this coefficient for the Lattice designyasjudged thathe provisionsincluded for
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“Trussed Towers” (Structural Engineering Institute, 2005) whee host appropriate, for

which the following equations are provided by the standard:

C; = 4.0 — 5.9¢ + 4.0 for Square Tower Sections

C; = 3.4€* — 4.7¢ + 3.4 for Triangular Tower Sections

wheree = ratio of solid area to gross area for the projected tower face.

If the members are rounded, the force coefficient can be multiplied by:

Yrouna = 0.51e2+0.57 < 1.0

(4-2)

(4-3)

(4-2)

Since the tower Lattice tower cross section is roughly circtila average of Equations (4-2)

and (4-3) was used to calculate the force coefficients. A spliditio of 0.578 was
calculated, yielding’r = 1.926 and 1.819, for Equations (4-3) and (4-4), respectively. All

members in the UHPC Lattice tower have a round cross sectionyemedmultiplied by

Yrouna, Which was calculated as 0.740. Therefore, the resulfawas calculated as 1.386.

This value is applicable for all portions of the tower. The detmd design process of the

UHPC Lattice tower column members are given later in thepter and the details regarding

the bracing and cross bracing members are given in Chaptene5difect wind forces

resulting from thi<; on the UHPC Lattice Tower can be seen in Table 4-3.

Table 4-3: Estimated Direct Wind Force Loads at Midheight and Base of #1322 ft
(98.2 m) UHPC Lattice Tower at Service-Level

Vi Kip (KN) | My ft-k (KN-m) | Ve kip (kN) | Mgy ft-k (kN-m)
EWMS50 [ 158.2-198.0 | 12,630-15,730 |  310-389 51,100-64,000
(704-881) | (17,120-21,300)| (1379-1730) | (69,300-86,800)
Vi Kip (KN) | My ft-k (kN-m) | Ve kip (kN) | Mgy ft-k (kN-m)
EOG50 [ 27.4-34.3 2180-2720 53.8-67.6 8860-11,090
(121.9-152.6)  (2960-3690) (239-301) | (12,010-15,040)

Note: The subscripts “M” and “B” represent tower midheight and base, respgctive

The range in Table 4-3 is present because the projected faoe twiner changes with the

orientation of loading. The two loading orientations considered are ddfynEdjure 4.5 and

Figure 4.6. The larger load in Table 4-3 corresponds to the 0-Degree loadimgtioin.
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The tower top loads for the Lattice design will be simitathie previously discussed designs,
if it is assumed to have a similar natural frequencybiher lateral, axial, and fatigue loads
can be found in Table 3-1, Table 3-2, and Table 3-3, respectively.elheesght of the
UHPC Lattice Tower 1227 was calculated as 1123 kips (5000 kN) lmaseke design

presented in the following section, including the bracing.

Across-wind
(Y-axis)

»

Alonq-wind J Along-wind
(Xeaxts) (X-axis)
Figure 4.5: 0-Degree Loading Figure 4.6: 30-Degree Loading
Orientation Orientation
4.3.2 Design

As previously mentioned, the design of the UHPC Lattice tower bhased on the
assumption of composite section behavior. The underlying principle oaskismption is
that linear strain variation exists across the entire tewes section. Using this assumption,
the columns were designed to handle the combined axial and bendisgstassed by the
wind and dead loads. This resulted in a preliminary tower design, wdashverified using
finite element analysis, as described in Chapter 5. The resutiimgr dimensions and
properties can be seen in Table 4-4. For the Lattice tower ddbignoverall section
diameter,D, and individual column diameters,,;, are tapered, with their respective semi-
vertex angle changing at 110 ft (33.5 m) and 220 ft (67.1 m). It shmmuldoted that the
overall section diameter refers to two times the distarara the centroid of the section to

the centroid of the outermost column. Sketches of the tower crassnsae presented in
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Figure 4.7 through Figure 4.10. In order to take advantage of UHM@hscompressive
strength, each column was designed with unbonded post-tensioning tendons thumoiglhy
embedded ducts along the entire tower length. A portion of these teasboteyminated at
110 ft (33.5 m) and 220 ft (67 m) in order to increase the economy ajwiee. tA detailed
drawing of an individual column is shown in Figure 4.11. The use of unbonded
reinforcement was chosen for the UHPC Lattice tower in ordexloov the tower to be
disassembled, moved, and reassembled at another location were the esviabnm
conditions, i.e., wind speed, surrounding the tower to change over its desigrhéf UHPC
Lattice tower is more suited to this concept than the concret&ldReC Shell towers due to
its small member sizes. Another advantage of unbonded post-tengthiegelimination of
concentrated steel stresses. Since the steel stress is distributeti@leniyé tower length, it
is expected that even in an ultimate load condition, the post-tensideglgnsll not yield.
Since it remains elastic, the post-tensioning steel will tlestore the tower to its original
position when the ultimate load is removed. The numbers listed ire Bablare for the

entire tower and are split between the six UHPC columns.

Table 4-4: Dimensions and Properties for the 322 ft (98.2 m) UHPC LatticeoWer for a

3 MW Turbine
Compressive Strength, ksi (MPa) 26 (179.3)
Post-tensioning Effective Stress, ksi (MPa) 180 (1241)
Overall DiameterD, at Base, in. (m) 354 (8.99)
Column Diameterd,,;, at Base, in. (mm) 26.625 (676)
Number of 0.6-in diameter strands, 0-110 ft (0-33.5 m) 486
Overall DiameterD, at 110 ft (33.5 m), in. (m) 294 (7.47)
Column Diameterd,,;, at at 110 ft (33.5 m), in. (mm) 24.625 (625)
Number of 0.6-in diameters strands, 110-220 ft (33.5-67.1 m) 342
Overall DiameterD, at 220 ft (67.1 m) , in. (m) 246 (6.25)
Column Diameterd,,;, at 220 ft (67.1 m), in. (mm) 19.75 (502)
Number of 0.6-in diameter strands, 220-322ft (67.1-98.2 |m) 198
Overall DiameterD, at 322 ft (98.2 m), in. (m) 120 (3.05)
Column Diameterd,.,;, at 322ft (98.2 m), in. (m) 14.875 (378)
UHPC Volume, Columns Only, ydm?®) 173 (132.4)
Tower Weight, kips (kN) 1120 (4980)
Fundamental Tower Natural Frequency, Hz 0.495
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Furthermore, the tendons are separated into groups, based on cquo#ments. From 0-

110 ft (0-33.5 m), each column has four 12-strand tendons, and a 33-strand tendon. F
110-220 ft (33.5-67 m), each column has two 12-strand tendons, and a 33-strand tendon.
Finally, from 220-322 ft (67-98.2 m), each column has a single 33-stramibre For

illustration, the tendon layout at the tower base can be seen in Figure 4.11.

The bracing used for this design consisted of rounded members, witteitteé of cross
bracing equal to 13 in. (330.2 mm) and the height of the horizontal bragirad ® 9 in.

(228.6 mm). The design of these members is presented in Chapter 5.

D =354 in. (8.99 m)

Figure 4.7: Cross Section of the UHPC Lattice Tower at the Base
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D =294 in. (7.47 m)

—©

Figure 4.8: Cross Section of the UHPC Lattice Tower at 110 ft (33.5 m) after Pest
tensioning Tendon Termination

Figure 4.9: Cross Section of the UHPC Lattice Tower at 220 ft (67.1 m) after Pest
tensioning Tendon Termination
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—©®
®© ©
D =120 in. (3.05 m)
O ©
_@

Figure 4.10: Cross Section of the UHPC Lattice Tower at Tower Top

12-0.6" strands—, 7.34"
33-0.6" strands-, ///;////
10-0.6" strands— 4 i3 3 dov

23.19"

@2-2.63"—

5.35"
12-0.6" strands—

12-0.6" strands

Figure 4.11: A Typical Column Cross Section/Tendon Layout at the Base di¢ UHPC
Lattice Tower

Service-Level Moment Capacity

As with the concrete tower design, Equations (3-5) and (3-6) govéneedHPC Lattice
column dimensions. However, depending on the wind loading directiodlusisated in
Figure 4.5 and Figure 4.6, the magnitude of the load as well atastee section modulus of
the tower varied. In the preliminary design, the 0-degree Igadiientation provided the
most critical case. This is because the projected face tbwrer is larger in this orientation,
so it provided more area for the wind to act on. It should be noted tthatigh the wind can

be assumed to be blowing along a fixed-axis, either 0-degre@8-degrees, the axis of
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bending actually depends on the combination of along-wind direct windsfoatong-wind
turbine forces, and across-wind turbine forces. When the moments were combiaetbes
the tower bent about a rotated axis. The angle of that axiaomtas measured from the Y-
axis is given in Equation (4-5):

0y = tan™?! <%> (4-5)

y

whereM, = moment about the x-axis, caused by across-wind loading; and

M, = moment about the y-axis, caused by along-wind loading.

This is only valid because the tower has the same momentraaimeall directions, and

therefore has a zero mixed moment for all orientations.

As with all previous designs, the EWM50 wind speed dominated thendédig moment
capacity and demand is plotted in Figure 4.12 and Figure 4.9. The cowpsssses along
the tower height are plotted in Figure 4.13 and Figure 4.10. The shamgnmtihsiities in
moment capacity correspond to the location of post-tensioning cut-offwisiethe sharp
discontinuities is compressive stress correspond to the location mb&tréensioning ducts
are removed, and net area is increased. In the 0-Degree loadin@tion, using Equation
(3-2), the base of the tower has a calculated service-lesmalemt capacity of 141,700 kip-ft
(192,100 kN-m) with a required demand of 134,600 kip-ft (182,500 kN-m). In the 30€éDegre
loading orientation, the tower has a base moment capacity of 1558B60%k11,400 kN-m)
and a moment demand of 123,800 kip-ft (167,800 kN-m). It should be noted théacdd
was not included in the preliminary analysis of the UHPC Latfiower. The reasoning
behind this is that a large displacement finite element asalysuld later be performed
(detailed in Chapter 5) to validate the initial design assumptiinse B is an estimate, it
was felt the finite element analysis would more accuratelntqyahe PA effects of the

loading.
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Figure 4.12: Comparison of Service-Level Moment Capacity and Demarfdr the 322 ft
(98.2 m) UHPC Lattice Tower in the 0-Degree Loading as per Equation &)
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Figure 4.13: Comparison of Compressive Stress Demand Against the Allable Stress
Limit for the 322 ft (98.2 m) UHPC Lattice Tower in the 0-Degree Loading aper
Equation (3-6)
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Figure 4.14: Comparison of Service-Level Moment Capacity and Demand fahe 322 ft
(98.2 m) UHPC Lattice Tower in the 30-Degree Loading as per Equation (3-5)
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Figure 4.15: Comparison of Compressive Stress Demand Against the Allowalfbtress
Limit for the 322 ft (98.2 m) UHPC Lattice Tower in the 30-Degree Loading ager

Equation (3-6)
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Ultimate Moment Capacity

Estimating the ultimate moment capacity of the tower presemtacique challenge. Since
the UHPC Lattice Tower does not use bonded post-tensioning, ia stenpatibility
approach could not be used. Without strain compatibility, it was ndilpeso calculate
ultimate moment capacity using only section-level detaits;esunbonded post-tensioning
allows steel strain to be averaged along the entire towghtheConsequently, it was
necessary to consider the entire tower’'s behavior. If the towsy’slisplacement is known
and the deformation along the tower height is assumed to be ethsti¢total tendon
elongation due to bending can be calculated. The assumption of elastimatein is
appropriate if the tension columns of the tower are allowed ta aplihe base (i.e., only the
tendons at the base can sustain a tension force). By uplifting, teeigable to concentrate
the majority of its flexural cracking at the base, causiogreentrated rotation. Additionally,
the tower has joints at 110 ft (33.5 m) and 220 ft (67.1 m) which Eneeml to open when
the tower is decompressed. However, this will only happen under antalimaa condition.
Therefore, the total tendon elongation is the sum of that due to bendintha due to
rotation at the base, 110 ft (33.5 m), and 220 ft (67.1 m). This is elucidakegure 4.16,
which shows a generic tower for illustration purposes. In the figulateral force is applied
to the tower. The total tower response is the combination of flexctian and rotation at the

joints.

The procedure followed, which is detailed in the following pagesgjired iteration. The
actual ultimate base moment can be defined several ways thiftuagrocedure. As with the
ultimate strength calculations for the Concrete and UHPC Sbelers, ultimate strength is
reached when either concrete crushes or steel reinforcenaehnirés. However, a target
maximum drift can also be used to define the ultimate limit state (if cenomething or steel
fracture has not first occurred). It should also be noted that thegmssdtning in the UHPC
Lattice tower was staged, with cut-offs points at 110 ft (33.%amd) 220 ft (67.1 m). This is
significant because the post-tensioning that is cut-off at 110 ft (8BWill have a different

average stress than the post-tensioning that runs from the base of the tower torttaptowe
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-}l —Post-tensioning Strand

_V

/Tower Joint

Figure 4.16: An lllustration of an Unbonded Post-tensioned Tower Subjeet to a

Lateral Load

The procedure to calculate the ultimate base moment capacity is as follows:

1)

2)

3)

4)

Choose a base rotatiofh,

Assume a base ultimate momeMi,, .. This moment should be greater than the

decompression moment for the tower base.

Assume the neutral axis depth at the bage, The neutral axis depth should be less

than the tower base diameter.

Calculate the initial strain in the tendons due to prestressing:

_ e (4-6)

Esteel

Epe

wheref,. = effective post-tensioning stress; and

Etee; = €lastic modulus of steel.
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5) Using an assumed moment distribution along the tower height, dal¢bka lateral

tower deflection due to flexure from Equation (4-7):

Afiex = J-Zl M Z_) dz (4-7)

Eynpcliower(2)
whereM (z) = an assumed moment distribution corresponding to the base ultimate
moment.My qe;
Eyupc = elastic modulus of UHPC;
Itower (z) = distributed tower moment of inertia;
z; = elevation at which deflection is desiredd

z = height.

6) Calculate the estimated additional elongation in each tendon to due etastrefl

Ltendon,i M(Z) (4_8)
Op,i = f dtendon,idz
0

Eynpcliower (2)

whered;qnq0n,; = distance from the tendon centroid to the tower centroid; and

Ltenaon,; = total tendon length.

It should be noted that in any given column, each stage of post#igrgsivill have a
different length, and therefore a different elongation and stiadditionally,

Equation (4-8) will result in a positive elongation in the tension cofjnand a
negative elongation in compression columns, corresponding to an incrdasgtn

and a decrease in length, respectively.

7) Calculate the elongation in each tendon due to the base rotation:
59,1’ = Qltendon,i (4'9)
wherelenq0n; = distance from the tendon centroid to the neutral axis depth at the

basecy .

8) Calculate the average tendon strain due to flexure and rotation:
byt b, (4-10)

7Y
Ltendon,i

9) Calculate the total strain in each tendon
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Epsi = Epe T Enji (4-11)

10)Calculate the stress in each tend6n, according to Equations (3-8) and (3-9).
11)Calculate the force in each tendon,

12)Calculate the concrete strain at the outermost compressionusbey a modified
version of monolithic beam analogy (Thomas & Sritharan, 2004; Pamparast/yRr
& Sritharan, 2001):

(8 17bdecomplwbase > (4'12)
Emax = Cna| 7T T
Lp EUHPCItower,base

where
L, = 0.06h (4-13)
andliower pase = tower moment of inertia at the base;
h = total tower height; and
Yaecomp = factor accounting for decompression, which is described in the

discussion following this process description.

13)Calculate the compression strain at the center of each cobwation, s ;, assuming

a linear strain profile at the tower base.

14)Calculate the average compressive stress in each cofumuising the stress-strain

model in Figure 2.4.
15)Calculate the compressive foreg,in each column.

16)Evaluate the equilibrium condition from Equation (4-14):

6 n
35 Sumn
1 1

whereP, = factored-level axial load in the tower at the base;

(4-14)

n = total number of tendons; and
17)Calculate the base moment by summing the moment about the seati@idceising
Equation (4-15):
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(4-15)

n m
M, = Z(Ci X dci) + Z(tj X dt])
1 1

18)If Equation (4-14) results in a negative valag, should be increased. M, #
M, Mps. Should be revised to more closely maidgh. If either condition does not

hold, revisecy 4and/orM, ..., and restart the procedure.

For step 5), it was necessary to use an assumed moment distradatigrthe tower. It can
be seen from Figure 4.1 that the required moment distribution on the ifoa@proximately
linear. However, it was judged that is was more accuratepmaimate the moment demand
with a tri-linear relationship. Therefore, the assumed momentigrofi the 0-degree load

orientation was:

(Mbase - 0-577Mbase) .

Mbase,guess - A V4 if 0<z< hl
1
0.577M — 0.265M
M(z) =1 0.577Mpqse guess — ( b“;e — base) zifhy <z<hy (4-16)
2 1
0.269M —0.0639M
\0.265Mbase,guess - ( ba.;le3 — hz base) A if hz <z< h3

The assumed moment profile for the 30-degree loading orientation was:

Mpgse — 0.595M -
Mbase,guess _ ( base hl base) .z if 0 <z< hl (4 17)
0.595M,, 45, — 0.284M
M(2) =4 0.595Mpqse guess — ( b“;e - base) if hy <z<hy
2 1
0.284M,,,5, — 0.0703M
|0-284Mpqse guess — ( ”“;; y» base) zif hy <z < hg

whereh; =110 ft (33.5 m);
h, =220 ft (67.1 m); and
hs =322.2 ft (98.2 m).

Yaecomp IN Equation (4-12) was calculated so that equilibrium was adtiavéhe point of
tower base decompression. This was done by setfjpgqual to the base diameter, and

iterating onMyqse andygecomp UNtil equilibrium was achieved in Equation (4-14) and the
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calculated moment in Equation (4-15) was equadjg.. This resulted inpgecomp = 0.951

and 0.943 for the 0 and 30-degree loading orientations, as per Figure 4.5 and Bigure

In addition to rotation at the base, the tower can experience rotatios anchor locations of
110 ft (33.5 m) and 220 ft (67.1 m). These rotations introduced additionadllater
displacement into the tower, thereby causing an increase inepsstiing force. The same
procedure, as described in steps 1-18 above, was applied at the taweteatation of 110 ft
(33.5 m) and 220 ft (67.1 m). The increases in post-tensioning duesw ribtations were
then added to Equation (4-10) in the tower base ultimate capacityat&o, and the neutral
axis at the tower base and base moment were revised to attieegquilibrium conditions

presented in Steps 16 and 18.

Additionally, as the tower experiences significant lateral defbion due to bending, the true
ultimate moment at the base will be due to a combination efalaibading and - effects.
Since the aim of this calculation was to determine the ukimaiment that can be applied
from lateral loading, the R-caused moment must be subtracted. The ddused moment
can be calculated at follows:

h (4-18)
Mp_p = P,Atop +f A(2)W(z)dz
0

with A(z) defined by Equation (4-19):

1 M(z)(zy — z

J‘ (2)(z1 — 2) dz + 26, if hy <z < h,
0 EUHPCItower(Z)
2 M(z)(z; — z

A(Z) = f Mdz + szase + (Z - h1)91 lf h’Z <z= h (4-19)

o Eunpcltower(2)
21 M(z)(zy —z

f M@ —2) dz + z6pase + (2 = h1)01 + (2 = hp)0, if h <z <h

\Jo EUHPCItower(Z)

whereA,,,, = total lateral displacement at the tower top;
W (z) = distributed tower weight;
P, = total factored-level axial load at the base due to dead load;
h = tower height;

z, = the height along the tower at which deflection is calculated:;
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6 = tower base rotation, rad;
6, = tower rotation at 110 ft (33.5 m), rad; and
6, = tower rotation at 220 ft (67.1 m), rad.

The final ultimate moment strength due to lateral load is then calculated as:
¢Mn,lat = ¢p(M,, — Mp_p) (4-20)

¢ is taken as 0.9 for this calculation, as suggested by the Bostshing Manual (Post-

Tensioning Institute, 2006).

The ultimate capacity for the UHPC Lattice tower has b#efined as the minimum top
displacement needed to achieve the required ultimate moment demaledenghiring that
no crushing of concrete or fracture of steel occurs. The ultimat@ent demand for the
tower was calculated as 195,600 kip-ft (265,200 kN-m) at the tower batbee foero degree
loading orientation, and 177,800 kip-ft (241,000 kN-m) for the thirty aedoading
orientation. Using the above described procedure, the tower base moepewcity was
calculated as 199,800 kip-ft (271,000 kN-m) in the zero degree orientation and 197,700 kip-ft
(268,000 kN-m) in the thirty degree orientation, using Equation (4-2QheAtower top, the
design capacities are 13,250 kip-ft (17,960 kN-m) for the zero degesdation and 14,400
kip-ft (19,520 kN-m) thirty degree, with a calculated demand of 12,504 Kii5,950 kN-
m). These design capacities correspond to 1.361% and 1.319% towéordiit zero and
thirty degree orientations, respectively. Although the above vdlaes been defined as
ultimate capacity, for all calculations the tower post-tensgpmgmained elastic, and the
UHPC strain remained below the compressive yield strain, 0.002966indldates that the

tower has a significant reserve capacity beyond the calculated ultirpaistics.

Service-Level and Ultimate Shear Capacity

Under the assumption of composite action in the UHPC Latticertoveey little of the

lateral load applied to the tower should be transferred to bas#uasn shear. Rather, it will
be transferred through the horizontal and cross bracing. Howeveguivdhmore detailed
analysis, the actual shear demand in the columns in not well-defiinesi.was further
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investigated through the use of finite element analysis, andsaus$ied in Chapter 5.

However, it was still considered useful to determine the ulémnshear strength of a single

column. This was determined with Equations (2-88) and (2-89), assuming 80% nét

column area resists shear, and is presented in Figure 4.17.

Shear Force, kN
0 500 1,000 1500 2,000 2,500 3,000 3,500
300 - - 90
- 80
250 - Shear Capacity of a - 70
200 - Single UHPC Column | 60 E
150 - - 90 %
- 40 2
100 - - 30
- 20
50 -
- 10
O T T T T T T T O
0 100 200 300 400 500 600 700 800
Shear Force, kips

Figure 4.17: Shear Capacity of a Single Column in the UHPC Lattice Tower as per

Equations (2-88) and (2-89)

Ultimate Torsional Capacity

In the preliminary design the torsional moment on the tower wagctedl Due to the high

degree of indeterminacy of the structure, further analysisadatkto understand how the

torsional moment will distribute through the system. This was iigatetd through finite

element analysis and detailed in Chapter 5.

Fatigue

Fatigue of the tendons and UHPC was checked in the same mariaethes UHPC Shell

design (Section 1.4.4). The fatigue strength of the UHPC wagyslsufficiently high, with
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a maximum stress DCR of 0.1052 occurring at an elevation of 30Q.# (n). As with the
UHPC Shell Tower, the steel fatigue strength was relgtivedre critical. Conservatively,
the steel fatigue was checked as if it were bonded. Redlistitee steel stresses would be
distributed over the height of the tower, avoiding any large st@ssentrations. Using this
approach, the maximum stress DCR for the steel tendons was 0.255ngcau800 ft (91.4
m). While higher than the UHPC'’s fatigue DCR, this valudiiv&ry low, indicating a long
fatigue life for the UHPC tower.

Dynamic Properties

In order to obtain a more accurate natural frequency, the stiffnessWHP€ Lattice Tower
was increased 25.7% to account for the presence of the bracthg structure, based on
results from the finite element model, as discussed in Chapi&ematural frequency of the
UHPC Lattice was calculated as 0.495 Hz, well within the wgrkrequency range for a 3
MW turbine. The ACI 307 approach (1998) vortex shedding recommendatiorisniiad
applicability to the UHPC Lattice tower, as it is an opertigecHowever, an option exists
with the UHPC Lattice tower to cover it with it a structuiabric. If this were the case, the
tower could be analyzed for vortex shedding as if it were &dlssction. Assuming that this
covering has a negligible effect on natural frequency of thernaue to its insignificant
weight, the critical vortex shedding wind speed was calculate?4.1 mph (10.76 m/s), as
compared to the EOG50 wind speed range of 33.3-86.6 mph (14.89-38.7 m/sp\enog
were used on the exterior of the tower, an alternative method woedidtadoe employed to
investigate the possibility of vortex shedding on individual columns arirlgamembers.
Were concrete or UHPC panels used as bracing, the stifinésaass of the tower would be
significantly affected, and a separate analysis would needdorbpleted to evaluate vortex

shedding for this case.
Deflection

Lateral deflections for the UHPC Lattice Tower were ca@d as 28.7 in. (0.729 m) and
27.2 in. (0.691 m) for the 0-deg and 30-deg load orientations, respecliiedyrepresented
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0.741% and 0.703% drift. These corresponded to the EWM50 wind speed et-$evei

loading and included the 25.7% increased tower stiffness.

Preliminary Bracing Design

For preliminary design, brace spacing was chosen to prevent rmyaiithe individual
columns at the ultimate load condition. In the most extreme casegntire outermost
compression column would entirely in the plastic portion of itssstsetrain curve (Figure
2.4). However, a portion of this stress is caused by prestgesghich will not contribute to

buckling. Therefore, the maximum buckling load of the column at its ultimate limbd is:
B, = (0-85]‘.0, - F/Anet)Anet (4-21)

wheref., = compressive strength of UHPC;
F = the prestressing force in the column; and

A,.: = the net area of the column.

As an initial estimate for the prestressing forEewas set equal to initial force due to
prestressing. Results from the ultimate capacity analysggest that this approach is
conservative, as the largest compressive stress developed atirtheeulimit state in a

column is 16.88 ksi (116.4 MPa), developed in the thirty degree loading orientation.
In turn, the buckling strength of the column is defined as:

T[ZEInet (4-22)
for = ~Gk)?

whereE = elastic modulus of UHPC;
I,.: = net moment of inertia of the column;
k = effective length factor; and

L = length between brace points.

Since each column has some level of fixity between brace pointgaltiee ofk was taken to
equal 0.825. This is the averaged value é&ffar a pinned-pinned connection, taken as 1.0,

andk for a fixed-fixed connection, taken as 0.65 (American Instituteted SConstruction,
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Inc., 2005). Although the columns are tapered, their taper is not that large ovantraced
length. Therefore, the smallest critical buckling value was ceateely compared to the
highest axial load in the column, over the unbraced length. Additionadlyrifical buckling
strength was multiplied by & factor of 0.769, as recommended for UHPC compression
members (Japan Society of Civil Engineers, 2006). The braciongtlagn be seen in Table
4-5. An example of the bracing layout can be seen in Figure 4.18llUikigation depicts the

lower 90 ft (2734 m) off the tower, with bracing and cross bracmgmbers.

Table 4-5: UHPC Lattice Tower
Bracing Layout

Bracing Level | Elevation, ft (m)

L
3 90 (27.4) 60 ft (18.3 m)
4 120 (36.6)

5 150 (45.7)

6 180 (54.9)

7 205 (62.5) Level 1.

8 220 (67.1) 30 ft (9.15m)
9 245 (74.7)

10 270 (82.3)

11 290 (88.4)

12 310 (94.5)

Figure 4.18: An lllustration of the
Bracing Layout at the UHPC Lattice
Tower Base

4.3.3 Discussion

While the UHPC Lattice tower was intended as a prelimirthsign, it is still useful to
compare it to the UHPC Shell, concrete, and steel designs. Arestihg aspect of the
UHPC Lattice tower is the increased wind load on the towerp@mpared to the UHPC Shell
Design. While the Lattice Tower has a truss-like layout, itgadivevidth is larger than the
UHPC Shell Tower. Additionally, the UHPC shell tower enjoyoadr force coefficient
(Cr). Since the shell tower is a smooth cylinder (tsranges from 0.64-0.72. Although the
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UHPC Lattice tower has less surface area, its componérdastdtigher wind forces with a

Cr of 1.39. AsC; is directly proportional to the direct wind force, this makesgaifsicant

difference. However, as previously stated, the wind load on thed.dtower is less well-
defined as compared to the cylindrical towers. Wind tunnel or comguotatasions would
be useful in accurately quantifying the direct wind load on the Lattice Tower

Without considering the volume of material required for bracing, thigckaower uses less
UHPC than the UHPC Shell: 1733132 n7) versus 183 yt(140 ni). It is important to
note however that the Lattice Tower will require bracing, whidhasld increased cost and
labor to the design. The choice of bracing material, as web@asections could significantly
affect the overall price of the UHPC Lattice Tower. Thecimg members used for this study
added 76 y&i(58.1 nf) of UHPC to the UHPC Lattice tower. This brought the tatglired
volume of UHPC for the Lattice tower to 249°yd90 n?)

As with the UHPC Shell Tower, fatigue is never a governingtlstate for design. This
implies the tower could be used with multiple turbines over the eoafsits design.
Additionally, due to its use of unbonded post-tensioning, it could be dismaritbde-
assembled at another site. Long fatigue life makes both of these options difyossibi

The Lattice Tower design has an estimated natural frequen®/486 Hz, within the
working range of 0.242 Hz to 0.594 Hz for a 3.0MW turbine. This indicateshdatirbine
top loads, and more specifically the assumed dynamic amplificadi@n,valid for the

structure.

Deflection of the UHPC Lattice Tower does not meet the ACI(3988) recommendations
for concrete chimneys, but is significantly lower the UHPCIlISbeer. This is due to the
increased base diameter and therefore the increased ldifénalss of the UHPC Lattice
tower, as compared to the UHPC Shell tower. The generalifieess of the UHPC Lattice
tower, determined during the evaluation of the tower’s natural freyevas calculated as
15.03 kip/in (2630 kN/m) while the UHPC Shell’'s was only 7.63 kip/in (1336 kNIimé.

UHPC Lattice tower deflection falls between the BergerABAMNier, 2005) concrete and

steel towers. This was expected, because when used effestiffelgss of a UHPC structure
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should lie somewhere between that of a comparable steel and cosicueteire, as its
compressive strength is much higher than concrete’s, and weighs3 @3y more than

concrete.

4.4 Summary

Using the same loading criteria as BergerABAM (LaNier, 200 UHPC Shell and UHPC
Lattice Tower designs were completed. A summary of the cangalesign limit states can
be seen in Table 4-6. Additionally, the controlling limit statess the steel and concrete
towers are repeated for ease of comparison. The UHPC 8ddUdPC Lattice tower, with
bracing, require 32% and 43% of the volume of material of the aegtilength concrete
design, respectively. As compared to the steel tower, treeg@proximately 17% and 52%
heavier, for the UHPC Shell and UHPC Lattice Towers, respdygtiBoth UHPC Tower
designs are significantly lighter than the regular strengticrete tower, which is 200%
heavier than the steel tower. However, the UHPC Shell towmeriences a 92.6% higher
tower top deflection than the UHPC Lattice. It is expectedtbe@tUHPC Shell design would
need to be revised to meet turbine manufacturers’ permissibiectitais, and therefore
would move closer to the UHPC Lattice tower in required material. Debpitdifferences in
material, the UHPC Lattice tower has much smaller memizes shan the UHPC Shell
tower. Therefore, it would require reduced transportation, site devetdprand erection
costs as compared to the UHPC Shell. The governing factor dretmigch tower is a better
option depends on transportation savings, as well as how much more volurki Gf the
UHPC Shell tower would require to limit deflection.

Both UHPC towers are able to meet the natural frequency eegeimnts necessary to remain
in the working frequency range during turbine operation. This was &xphexs the UHPC
designs lie between the regular strength concrete towenegldt@wver in terms of required
material and weight. Additionally, it can be seen in Table 4-6thwatowers with the lowest
natural frequencies experienced the highest deflection. Itpscéed then that were the
UHPC Shell tower base diameter increased to reduce defleatsnatural frequency would
increase, putting it closer to the upper end of the working frequemge. Neither UHPC
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tower was governed by fatigue concerns, allowing them to herwéce lives much higher

than the typical 20 year operational life of a wind turbine.

Table 4-6: Comparison of Design Results for 322 ft (98.2 m) UHPC Shell , B
Lattice, Steel, and Concrete Towers

3221t (982 m) | 322f1(982m) | 5554 ggom)| 3221 (98.2m)
UHPC Lattice Prestressed
UHPC Shell Tower Steel Tower
Tower Concrete Tower
We'gj\f’) Kips 866 (3850) 1123 (5000) 739 (3290) 2290 (10,190)
Maximum 0.978, Equations | 0.949, Equations| 0.912, Equation EO.L?zgti?(Sn
Strength DCR  (3-5) and (3-6) (3-5) and (3-6) (2-58) ?2-82)
Maximum 0.745 (Torsion and Discussed in
Shear DCR | Shear Interaction) Chapter 5 0.0773 0.881
Maximum 0.277 0.255 0.972 0.0844
Fatigue DCR (steel tendon) (steel tendon) '
Deflection, % 0.741
Drift 1.427 (0-deg. loading) 1.646 0.413
Fundamental
Natural 0.372 0.495 0.338 0.568
Frequency
Service-level
Service-level tower flexural
. Strength at
. moment capacity, . strength, concrete
Controlling . Service-level tower base, ;
S shear and torsion . . fatigue (wall
Limit State | . - moment capacity| Fatigue along .
interaction at tower the tower heiaht thickness for
top I 220-322 1t [67.1-
98.2 m))

In order to make a true comparison, further investigation into thB@QJHattice Tower is

needed. This analysis would include verification of the assumédrséehavior, as well as

determination of the bracing member forces. In order to obtasnitfiormation, a finite

element analysis was completed, and is described in Chapter 5.
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5 DETAILED ANALYSIS AND DESIGN OF THE UHPC LATTICE
TOWER

5.1 Overview

Although multiple bracing options exist for the UHPC Lattice towe focus of this chapter
is the use of horiztonal and cross bracing members, rathepdinahbracing as mentioned in
Chapter 4. Since the Lattice tower is a highly indetermintatectare, a more detailed
analysis was performed to determine the structural responsediadiual member forces.
In particular, the forces in the bracing were needed to comflete design. In order to
obtain this information, a centerline finite element model wastede Additionally, the
preliminary design of the lattice tower considered axial ®iehe UHPC columns, caused
by bending of the structure, as the main design criterion. The Blément model was also
needed to validate those axial forces and the assumption that g¢tdineswill remain plane
(i.e., composite behavior exists between the columns) when bending éaatinermore, the
model enabled the quantification of critical values of any ipedl moments, shears, and

torsion in the columns caused by the interaction between the columns and the bracing.
5.2 Model Design

5.2.1 Model Overview

The commercial finite element program Abaqus (Dassault Sysié2089) was utilized to
complete the finite element model. A centerline model using 3Inkswal truss elements
was created to analyze the service-level response of theustsuicicluding displacements
and member forces. This approach was chosen over solid modeling thigdrsatility and

processing efficiency. Although it does not provide information abowtssttencentrations
or allow the modeling of actual connections, it was decided thatrntfaisnation could be

obtained by analyzing individual columns with appropriate boundary consliat this stage

of development.
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5.2.2 Elements

For all column and bracing members, 3D, three node quadratic éleaments were used.
These elements were chosen to allow for a more accuratecéidhape while using fewer
elements, as compared to a linear beam. Abaqus designatesethentelas B32. B32
elements are Timoshenko beams and can be used for “thick (“stmutiell as slender
beams” (Dassault Systemes Simulia Corp, 2009) and can be sdbjectlarge axial
strains”. Additionally, these beams are shear flexible, allowimg transverse shear
deformation. Abaqus automatically calculates the shear stfimemost cases based on user

inputs.

For the post-tensioning tendons, 2-node truss elements were useds Alesggnates these
elements as T3D2, and they have linear displacement functions. A$epsishing is
assumed to carry only an axial force, it was judged that ®lessents were the most
appropriate choice.

5.2.3 Material Models

As was discussed in Chapter 4, the service-level moment demanagtve design of the
UHPC Lattice tower. Therefore, the goal of the finite eleim@model was to determine
service-level displacements and forces, and a linear mateodé! was used for the UHPC.
This is valid as long as stresses in UHPC members aredirto 22.1 ksi in compression,
and 1.3 ksi in tension (see Chapter 4). As the tower was desigeagdnence no tension
under service-level loading, this approach was deemed adequatele@heed stress-strain
relationship can be seen in Figure 2.4 and Figure 2.5, and the maaduizd were used in

the analysis are given in Table 5-1.

Table 5-1: UHPC Material Properties

f. | 26 ksi (179.3 MPa)
E. | 7450 ksi (51400 MPa)
Ye | 155 pcf (24.3 kN/n)
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An elastic material model was also used with the post-tensioasg, was expected to
remain in the elastic region during service level conditions. Alegrto the PCl Handbook
(PCI Industry Handbook Committee, 2004), 270 ksi (1860 MPa) ASTM A 416 msEsige
strands have a yield strength of 243 ksi (1675 MPa) and an elasticuniaif28,500 ksi
(196,500 MPa). Since this limit will not be reached accordingitotheoretical steel stress-
strain model, it is only necessary to input the elastic modulubeostieel into the finite

element model.

5.2.4 Model Construction

Since a centerline modeling approach was used, several satpiis were necessary to
complete the model. In order to accurately model the crossosactproperties of the
columns, a generalized cross section was used within Abaqus. Usingpitioach, the
principal moments of inertia, as well as the mixed moments of inertia and tbrzioperties
were specified for each column section. While the columns theessélad a round cross
section, the generalized section was needed to account for the voedsdcaused by the
post-tensioning ducts. One downside of using this cross sectional defiwidis that it did
not explicitly allow for the use of tapered sections. To overcdrsechallenge, each column
was partitioned at 5 ft (1.524 m) intervals, and the average seas®nal dimensions were
used over that height. This was found to be sufficiently accurattheasmterval chosen
provided less than 2% error in deflection for the shortest column spanwahiverified by
modeling a cantilever beam in Abaqus with the same length gsottien of the UHPC
spanning from 220 ft (67.1 m) to 322 ft (98.2 m) elevation. A uniform loadappked to
this beam, and the maximum deflection was calculated. This walag¢hen compared to a
hand calculation of the displacement for the same beam and appld=d Additionally,
column member areas were linearly interpolated between 0-11638.%0m), 110-220 ft
(33.5-67.1 m), and 220-322.2 ft (67.1-98.2 m) for simplicity. As the change umnolvas
spread over these long distances, this assumption estimatedluhen areas within 97.8%

accuracy.

Since the post-tensioning is unbonded, it only applies axial loads on thensoht anchor

locations and horizontal loads on the columns at harping locations (i.e., where thod thpe
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UHPC columns is changed). However, it must also follow the displaced shape otthasol
along the height. To enforce these conditions, the post-tensioning halreal df its
displacement degrees of freedom coupled to the column at anchor pointstc&athe
tendons to follow the displaced shape of the columns, they were Igacbabled to the
columns at 25 ft (7.62 m) intervals. Accordingly, the tendons were edldw slide along the
columns’ length, but had their transverse displacements coupled toltimens’. This was
done by creating local coordinate systems for each column, withztlagies parallel to the

column axes.

All braces and columns in the model are connected to each

other through the use of Abaqus’s coupling connectors. It

was assumed that the brace-to-column connections would be
designed to have moment resistance. To account for this, the
bracing and cross bracing had all 6 degrees of freedom

coupled at column interfaces. This assumption is appropriate

so long because no large moments are developed at these
connections (see Table 5-3 for further details on member
forces). In order to reduce unbraced length for buckling, the
x-type cross bracing members were coupled at their cross-
points (denoted by red circles in Figure 5.1). However, it is
unlikely that significant moment resistance could be |
developed by such a connection, so only translational |
degrees of freedom were coupled at these locations. This |

fixed-pinned support condition gives each cross-bracing |

member a theoretical effective length of 0.8 (American |
Institute of Steel Construction, Inc., 2005). As a result, each

cross-brace’s effective length is 40% of its total length. Figure 5.1: A View
Showing UHPC Lattice

Tower Cross Bracing
onnections in the Finite
modeled as pin supports. Since unbonded post-tensioning is Element Model

The boundary conditions at the base of the tower werg

used, and the tension columns would be allowed to uplift
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under extreme loading conditions, no moment resistance is providegsatablumn bases.

The post-tensioning tendons were also pinned at the base of the tower.

In order to tie the columns together at the top of the tower, aigguatform was put in
place, using rigid elements. An image of this platform is pteskein Figure 5.2. Since the
design of such a platform is beyond the scope of this researcaduited for mounting the
turbine, the use of rigid elements eliminated the variable ofoptatdeformation from the
analysis. A final design for such a tower would need to include thealaptatform
dimension, and quantify the effects of platform
flexibility on the rest of the tower. Since this platform
will have to be rigid, the expected flexibility effects will

be small.

The completed model is presented in Figure 5.3. Figure

5.4 displays the model using realistic dimensions for the

elements. This is useful because it provided a sense of 7\ |
scale between the various tower members and gave ah," VoA \

visual verification that the member sizes input into the lf Y *

program are realistic. Figure 5.3 is the centerline ||

representation of the model. All of the actual geometry, | VA SN A
forces, and displacements are based off of this | , \
representation. AV AV

An important difference to note between the Conceptuaﬂ f

image of the lattice tower, shown in Figure 4.3, andﬁr.-"l il

Figure 5.3 and Figure 5.4 is the addition of the cros f \ AN T

| \ 4
YRR \

bracing. The cross bracing is necessary to tie thq:igure 5.2: A View of the

columns together, as well as transfer shear to the baseRigid Platform in the
UHPC Lattice Tower Finite

using the braced system compositely. Element Model
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Figure 5.3: A View of the Wireframe Figure 5.4: A View of the Rendered
UHPC Lattice Tower Model Developed UHPC Lattice Tower Model Developed
for Service-Level Loading for Service-Level Loading

—
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5.2.5 Loading

The loading on the tower was applied in five separate stepsse Bieps are listed in Table
5-2. All loading applied to the model corresponds to the EWM50 wind condition and the load
combination described by Equation (2-9), which was found to govern thgndefsthe
UHPC Lattice tower in Chapter 4.

Table 5-2: Model Loading Steps

Step Description

1 Initial (Required by Abaqus)

Prestress Release

0-Degree Loading

0-Degree Loading — Reverse Torsion

30-Degree Loading

o O Al WO DN

30-Degree Loading — Reverse Torsion

The “Initial” step is when the geometry of the structure wedsfined and
connections/boundary conditions are created. No loads were applied in this step.

The second load step applied the prestressing forces to the towerasteirmed “Prestress
Release”. This had to be done in a special manner, since the Aibéeriiace does not
support the use of prestressing. To apply the prestressing to thensplaaiditional pinned
boundary conditions were added to the post-tensioning at all anchor points the&ing
“Initial” step. A velocity with a unit magnitude was then appliedhe tendons, in the form
of a “predefined field”. This predefined field was then changed stress in the Abaqus
keyword editor. The value of the stress was then changed to theddgsiking stress to
maintain the right amount of prestressing in the columns. DuringPitestress Release”
step, the additional pin supports were released, transferring gteepseforce to the columns
through the anchor connection points.

The remaining load steps correspond to different loading orientatdmesh are defined in
Figure 4.5 and Figure 4.6. The “Reverse Torsion” label in Table fefsro the torsional

moment applied at the tower top to represent wind turbine operatiersing in direction. In
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steps 3-6, the prestressing load from the “Prestress Relsadways present on the tower.
However, loads applied during all subsequent steps were active onlyg doeir respective

step.

In Steps 3-6, the turbine loads were applied to a reference pding genter of the platform
at the tower top shown in Figure 5.2. The direct wind loads wereedptui the tower
directly, but only to the portion of the tower facing the wind. This e@ssistent with how
direct wind loading was calculated with the ASCE 7 (SEI, 2005). Simeavind pressure
varied with height, the wind load on the tower varied as well. Focahenns, an average
wind pressure was calculated at 5 ft (1.524 m) intervals, and applilbd tespective column
segment as a constant line load. The cross bracing load$assd on the wind pressure at
each cross brace’s average elevation, and applied as a constatdall. Each level of
horizontal braces experienced a wind constant pressure, which wasdagpla line load.
Additionally the self-weight of the tower and the turbine weight were appliStejps 3-6.

To capture the - effects of the tower loading, Steps 3-6 were run as |lagpadiement
analyses. This allowed Abaqus to account for the geometrical nonlinearitnessystem.

5.3 Bracing Design

The purpose of the bracing on the tower is to provide composite actisednethe six main
UHPC columns. If this is not present, the columns will bend individuatigh not in a
composite manner. Since each of the columns was not designadratependent flexural
member, they cannot develop the necessary moment resistancectrthgnraividually. If
composite action is present, the columns will bend as one sectiorgaahdcolumn will
experience primarily axial tension or compression. If the entirertasconsidered to act as a
beam, the bracing and cross bracing act as the web of the Wwhdenthe columns represent
the flanges. This also significantly increases the #ffeanoment of inertia of the tower

section, reducing lateral displacements.

5.3.1 Bracing Analysis
In order to start the analysis, a preliminary member wadeateeSince the forces in the

bracing were initially unknown, a WT member was used. Usingdhkelts of the initial

www.manaraa.com



148

analysis, new members were then selected. However, as theiscavarghly indeterminate
and the axial stiffness of the members greatly influencedatheunt of force distribution

throughout the tower, further iteration was necessary.

Although the members in the tower experience a diverse arrayroésf a design
methodology was chosen that limited the number of unique bracing memhbestower.
This simplified the design, as well as increased the econonme abiver design by reducing
the need for a wide range of member sizes. In that contexindpracd cross bracing were
split into three different groups for analysis and design purposescrbgs bracing was
grouped along the tower height as follows: CB1, 0-120 ft (0-36.6 m); CER270 ft (36.6-
82.3 m); and CB3, 270-322.2 ft (82.3-98.2 m). These groups were based on givirgsghe cr
bracing members comparable unbraced lengths for buckling. Symildn® horizontal
bracing was grouped as follows: HB1, 30-120 ft (9.15-36.6 m); HB2, 150-226.1-67.1

m); and HB3, 245-310 ft (74.7-94.5 m). The bracing groups roughly corresponddmsise

bracing groups along the tower height.

To further simplify the analysis of these members, the envelopesfdrom the above
described groups were used for sizing members. Rather than agdheiforce combination
in every member within each group, the maximum axial, shear, and nsfnemt any
members were obtained. A single member was then designed foortii@nation of these
forces. While this was a conservative approach, the bracing me@k@erienced primarily
axial force. For example, CB1 experienced an envelope that includedahnaxpression of
663 kips (2950 kN), a shear force of 2.71 kips (12.05 kN), a resultant bendingntnom
20.0 kip-ft (27.2 kN-m), and a torsional moment of 5.47 kip-ft (7.42 kKN-m). Sheaxial
force was dominant, the range of moments, shears, and torsionsrasttlod the members
marginally affected the required member size. This rangealé® limited because the cross
bracing and bracing were already split into three groups. Teikad resulted in members
that were designed for a worst case loading condition. A fudp@mization of the tower
bracing is possible by specifically investigating individuamiers. However, since wind
loading can come from any direction, there is likely little mtwebe gained from this

optimization.
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Multiple member shapes and materials were used as trial sections terlmgc¢ing analysis.
The three main trials included steel WT-shapes, concrete-filetd steel HSS sections, and
finally round, hollow prestressed UHPC members. Although highly fladihe option of
using thin UHPC panels or high-strength prestressed concretis pasenot pursued in this
study as it would change the wind loading on the tower. The tmatdving the WT-shapes
and concrete-filled HSS members resulted in the braces iyaetry large forces, requiring
excessively large members for cross and horizontal bracing.pfiheary variable that
governed how much force was in each brace was the brace’s awberadearea, multiplied
by its modulus of elasticity (AE). This is intuitive, as axstiffness is defined as AE/L.
While the WT-shapes have smaller areas, the modulus of dlasticsteel is very high
compared to concrete. The concrete-filled HSS sections had kersmatulus of elasticity,
and thus required a large cross sectional area. UHPC has rougihigssthe compressive
strength of regular concrete, but the modulus of elasticity is btimes as large (for a
regular strength concrete with a 7 ksi (48.3 MPa) 28-day comprestsarggth). This put its
AE term somewhere between that of the WT-sections and the eofitest HSS, allowing
it to pick up only a moderate amount of force. Therefore, due to emsem@nomy of
designing UHPC hollow prestressed members, they were chosen doottros and
horizontal bracing. The design of the hollow prestressed UHPCberams detailed in
Section 5.3.

The final iteration of member forces can be seen in Tabld=5e# left to right, the columns
represent the required, service-level compressive forces, témsies (shown as positive
values), shear force, bending moment, and torsional moments. CB ditieotesss bracing
and HB refers to the horizontal bracing, which are separatedthiet groups as detailed
previously. It should be noted that as the geometry of the bracamgeh, the loads on the
tower will correspondingly be altered. After each step it waessary to update the tower
loading to reflect the new dimensions of the bracing. In that&stion, the loading applied
to the finite element model was within 2% of the calculated tdeagting, with all members
meeting the strength requirements (as described in Section. A.Bezefore, it was judged

that the loading and required member sizes had converged.
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An important characteristic of the loads in Table 5-3 is thatzbotal bracing always

experienced a tensile force, while the cross bracing was csedbjdo either a large

compressive load or moderately-sized tensile force, dependinglonat®n in the structure

with respect to the tower’s axis of bending.

Table 5-3: Service-Level Horizontal Bracing and Cross Bracing Force Brelope Values
Obtained from the Finite Element Analysis

C.. kips (kN) | T, kips (kN) | V. kips () | M it M KRR
CBL | 663(2950) | -653(290)| 271(1205)  200(27.3) 552 (7.48)
CB2 | 641(2850) | -852(-379) 431(19.17)  28.6(38.8)  7.35(9.97)
CB3 | 660(2040) | -786(350)| 8.78(39.1)  38.9(527)  10.93 (14/82)
HB1 : 421(-1873) | 3.85(17.13) 19.42(263)  0.828 (1123)
HB2 - 366 (1628) | 4.27(18.99)  208(28.2]  0.971 (1.316)
HB3 : 282 (1254) | 863 (384)| 255(346)  3.12(4.23)

5.3.2 Design of UHPC Bracing

As previously noted, the final choice for cross bracing and horizonéaing was UHPC

hollow circular members due to their high strength and economy of dédidsracing and

cross bracing members utilized prestressing, with the optionraj egher pre-tensioning or

post-tensioning. From the finite element model results, the horlzZortees were found to

be tension members. To counter this tensile force, they were hgistressed. The cross
bracing members see both large compression forces and mo@asite torces, and thus
utilize a lower level of prestressing. A bracing and crasgibg schedule can be seen in
Table 5-4 and Table 5-5, respectively. Detailed cross seciitusdtations are presented in

Figure 5.5 to Figure 5.7.
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Table 5-4: Horizontal Bracing Schedule

UHPC Horizontal Bracing: 30-120 ft (9.15-36.6 m)
Outside Diameter: 9 in. (229 mm)
Wall Thickness: 2 in. (50.8 mm)
Number of Prestressing Strands: 18-0.6 in (15 mm)
UHPC Horizontal Bracing: 150-310 ft (45.7-94.5 m)
Outside Diameter: 9 in. (229 mm)
Wall Thickness: 2 in. (50.8 mm)
Number of Prestressing Strands: 16-0.6 in (15 mm)

Table 5-5: Cross Bracing Schedule

UHPC Cross Bracing: 0-322 ft (0-98.2 m)
Outside Diameter: 13 in. (330 mm)
Wall Thickness: 2 in. (50.8 mm)

Number of Prestressing Strands: 6-0.6 in (15 mm)

3.50"
3.29"
2.68"

05.00" [ 2 39.00"

Figure 5.5: An lllustration Showing the Cross Section of the UHPC Harontal Brace
9x2 in. (229x50.8 mm) with 18-0.6 in. (15mm) Strands

www.manaraa.com



152

3.43"

2.91"

1.94"
0.68"

Figure 5.6: An lllustration Showing the Cross Section of the UHPC Horiantal Brace
9x2 in. (229x50.8 mm) with 16-0.6 in. (15mm) Strands

5.50"

@1'-1.00"

Figure 5.7 An lllustration Showing the Cross Section of the UHPC Horiantal Brace
13x2 in. (330x50.8 mm) with 6-0.6 in. (15mm) Strands
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Although the horizontal and cross bracing were initially split iicee groups each, the
majority of these groups were eliminated, and the same memaisegible to be repeated. In a
general sense, the horizontal bracing and cross bracing tréresfenear force applied to the
tower to the foundation. This action is analogous to a web in a widgeflaeam. Although
the level of shear resisted by the tower increases inversely sibateto height, the required
local bending and torsional moments are higher in the braces andocaiosgy located at
higher elevations. This keeps the required member size for branshgcrass bracing
constant along the tower height. The only exception to this is thenbgttmup of horizontal
bracing, which require two additional prestressing strands. Thgndesiboth the cross
bracing and bracing were completed as pretensioned members. i@ugie mentioned,
bonded or unbonded post-tensioning could be used as well. The use of unbonded post-
tensioning would allow for the damage-free removal of the horizamt@lcross bracing, if
the ability to move the tower in the future was desired. One dowokities approach is that
the bracing and cross bracing would see a small decreaseinrataltcapacity. This

difference in ultimate capacity is discussed later in this section.

Horizontal Bracing

As the horizontal bracing are tension members, the design critent@nngng their geometry
and area of steel was the prevention of cracking under servick demditions. The

maximum longitudinal tensile stress under these conditions is given as,

F Tr _ Mr(dout/z) (5'1)

Otension —
Atrans  Atrans Itrans

whereF = prestressing force in the brace;
T,- = required service level tensile force;
M, = required service level bending moment;
Airans = transformed area;
Itrans = transformed moment of inertia; and

d,y+ = outside diameter of the brace.
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Note that the transformed area was used in this calculationtemeoeember is pretensioned.

Were the members designed using post-tensioning, the net area is more appropriat

While the initial design of the UHPC Lattice Tower used zersion as a design condition,
it was felt that a small amount of tension could be allowed irbtaeing members. This
methodology was justified because the brace forces were mdrdefiakd from the finite
element analysis. In contrast, the initial design of the UHPG@ickaTower columns
inherently included more assumptions regarding structural behaviorefdrerthe tensile
stresses in the bracing have been limited to the tensile rgaskiength of UHPC, which is
given as 1.3 ksi (Bristow & Sritharan, To be published). Howeweno cases did tensile
cracking occur in the bracing under design service-level I@dasmost critical longitudinal
stress wag = 2.19 ksi (15.10 MPa) in compression. This stress level occurred Imabiag
group in the 150-220 ft (45.7-67.1 m) range. This implies that the horizmaizihg is not

decompressed under service level loading.

Since the tower is not always fully-loaded, the bracing willaletays experience this load
combination. When no external load exists on the braces, a compressevesfpresent from
the prestressing. Therefore, the compression stresses duettesgsasg must be limited to
prevent crushing. This limit set out according to ACI 318 (ACI Committee 318, 2008):

(5-2)

< 0.6f;

trans

As with the limiting tensile stress, the compression limit is sligle8g conservative than that
used for the preliminary design of the UHPC Lattice Tower cokim Section 4.3.2. The
rationale behind this decrease in conservatism is the samef@®: the loading is more
well-defined in the bracing due to the finite element analgsslts. The most critical case
for this limit state occurred in the bracing group in the 30-120 ft (9.15-36.6 m) range,avhe
compressive stress of 13.42 ksi (92.5 MPa) was reached, verisuis$ @f 115.60 ksi (107.6
MPa).

The horizontal bracing was also checked to ensure that no crackimgeaoceat the service

level due to the combination of torsion and shear force. This ltatié svas checked using
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Equation (4-1). The largest principal stress developed occurredbnattiag group 245-310
ft (74.7-94.5 m), where a principal tensile stress of -0.096 ksi (-0.682) Mas observed.
This is significantly below the cracking strength of UHR@jcating shear cracking will not

occur from torsion and shear force.

The ultimate strength of the horizontal bracing was calculated) ssiain compatibility and
the numerical approach of strips. The same approach was used fadE@ Shell Tower
ultimate capacity calculation, in Section 4.2.2. One modification to this approat¢hatdise
tensile strength of UHPC was included, as per Figure 2.5vithsthe UHPC Shell Tower,
crushing of the UHPC governed the ultimate capacity of the horizbraeing members. In
order to carry out this calculation, it was necessary to know xia¢ laad on the bracing
members. However, this load was not defined because the fimterglenodel was elastic,
and could only be accurately used for service level loading. @&sservative estimate, the
axial load at service level was multiplied by a factor of hé,largest load factor in the load
combination in Section 2.3.3. This was considered to give a worst casaris.
Additionally, to investigate the effect of using unbonded post-tensioaingpdified version
of this calculation was carried out. As unbonded post-tensioning disBiltlé increase in
steel strain along its entire length, the increase at ey gection will be smaller than in a
member utilizing bonded post-tensioning. The 0.5 factor estimatesffdwt ef the steel
strain being distributed over the entire member. In order tonatdithe capacity of the
members using unbonded reinforcement, the method as used in Section 4.éh@dizs!.
Accordingly, in step 6, the incremental steel strain wasutatled using strain compatibility.
This strain was then halved, to approximate the steel strairagecidue to bending being
averaged over the entire member length. The results of thesenaite presented in Table 5-
6.
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Table 5-6: Estimated Ultimate Capacity of the UHPC Horizontal Bracimy

Ultimate Moment

Member Axial Load, Ultimate Moment Requirement
Designation kip (kN) Capacity*, ft-kip (kN-m) kip(-qft (kN-m) '
UHPC 9x2 -586 (2610) 86.5 (117.3) 40.7 (55.2)
UHPC 9x2

Unbonded -586 (2610) 55.4 (75.1) 40.7 (55.2)

UHPC 9x2X** -674 (3000) 90.5 (122.7) 32.0 (43.4)

UHPC 9x2X

Unbonded -674 (3000) 58.2 (78.9) 32.0 (43.4)

*Includes strength reduction factor
* UHPC 9x2X represents the level of bracing containing 2 extra strands

A strength reduction, or “phi”, factor was used in accordance wEh 318 Chapter 9
(2008). It can be seen that for all members the ultimate ¢cgpeas satisfied. Based on this
estimate, the use of unbonded post-tensioning the members, as opposetensipnaig,
would serve to reduce the ultimate capacity in the range of 55.5-5@ 18a6rtion of this
decrease is due to the unbonded tendons having much smaller incremesitatrains,
resulting in a strength reduction very close to 0.65. The use of unb@odetensioning
would allow the bracing members to be directly anchored to the coluemsngs as the
connection. Were pre-tensioning used, a welded or bolted connection would nked to

devised.
Cross Bracing

Based on the finite element analysis results, the diagona brasing were subjected to a
much larger range of forces, as compared to the horizontal brd2epending on the
location of the cross bracing with respect to the axis of bendingbereraxperienced either
tension or compression. Members nearest to the compression columnhesdargest
compression forces, while members closer to the tension columrisrssion forces as well.
Because of these load reversals, cross bracing must be desighethfthe compression and

tension load combinations.

For the condition when the cross bracing is subjected to tensiles fdree limit state is

identical to that used for longitudinal stress in the horizontaditga This limit state was
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checked using Equation (5-1). The largest tensile stressopedelwas -0.369 ksi (-2.54
MPa), occurring in the cross bracing group CB3. This value is weler the cracking
strength of UHPC, 1.3 ksi (8.96 MPa).

For the case when the cross bracing was subjected to a dangeression force, the

following equation was used to calculate the maximum compressive stress:

F + Cr + Mr(dout/z) (5'3)

Atrans Atrans Itrans

Jcompression -

whereF = prestressing force in the brace;
C, = required service level compressive force;
M, = required service level bending moment;
Airans = transformed area;
Iirans = transformed moment of inertia; and

d,,: = outside diameter of the brace.

The stress calculated in Equation (5-3) was then compared to theessioprstress limit set
out in Equation (5-2)0.6f,, or 15.6 ksi (107.6 MPa) (AClI Committee 318, 2008). The
largest compressive stress developed in the cross bracing gB®pvith a value 15.12 ksi
(104.2 MPa).

Due to the long length of the cross bracing, as well as teduced area and moment of
inertia (as a result of UHPC’s high compressive strengthyklimg becomes was also
consideration. Euler's buckling strength was utilized to calculaetheoretical buckling

load for the cross bracing members. This equation is given as follows:

P = 7TZEUHPCItrans (5'4)
cr (kL)Z
whereE,ypc = modulus of elasticity for UHPC,;
Itrans = transformed moment of inertia;
k = effective length factor; and

L = unbraced length.
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In order to reduce the unbraced length of the cross bracingsitlecided that the members
would be connected to each other at their crossing point. This cormeci® assumed to
constrain translation, but not rotation. Since there is some assuxtgdfithe connection
point between the cross bracing and the columns, the value of k keas da 0.80, as
recommended by AISC (2005) for fixed-pinned columns. This factor shoulklsed when

connection details are developed.

One potential concern with connecting the cross bracing memb&esrainidpoints is that if
both cross braces simultaneously buckle, they will not provide thallagstraint necessary
to reduce the unbraced length. This would be valid if any given connsetedf cross
bracing had the same axial force demand. However, due to theltadarg, the axial forces
in a set of cross bracing are not equal. Therefore, one widlyal buckle before the other.
This is illustrated in Figure 5.8, which displays the axial fornethe bracing members. In
this figure, SF1 represents the axial force, with a negatiaee corresponding to
compression. For this loading condition, the upper left section of ther taxas in
compression. It can be seen that for each pair of cross braeimipens, one member had a
significantly higher compression force than the other. When the berewith higher
compression force attempts to buckle, the member with the lower falicstill be able to
provide lateral restraint. Therefore, connecting cross bracimgoers at their midpoints will

indeed reduce the unbraced length for buckling.

The highest DCR for buckling, 0.405, was experienced in CB. This cross bracing group had a
calculated buckling load of 1640 kips (7300 kN) based on the maximum mé&mgtr and
a required compressive axial load of 663 kips (2950 kN).
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Figure 5.8: Top View of the UHPC Lattice Tower Depicting Axial Forces irthe Bracing
Members

The cross-bracing was also checked for cracking at the séevigledue to torsion and shear,
using Equation (4-1). The largest principal stress was developbeé cross-bracing group
270-322.2 ft (82.3-98.2 m), reaching a value of -0.824 ksi (5.68 MPa) in tensionisThis
larger than any tensile stress created in the horizontal bydmimgstill under the UHPC's
cracking strength of 1.3 ksi (8.96 MPa).

The ultimate capacity of the cross-bracing was calculatetthe same manner as for the
horizontal bracing. However, for the cross-bracing, there arei@utlitoad cases, as the

www.manharaa.com



160

cross-bracing is sometimes in compression, and sometimes ionteis all cases the
ultimate capacity for the cross-bracing under compressivenigdthd a reduced capacity.
This was a result of the high compressive loading, which causgudbigessing to shorten.
As this is defined as a compression controlled failure by ACI 218 Committee 318,
2008), a strength reduction factor of 0.65 was applied to these seclibasiesults of the

analysis are listed in Table 5-7.

Table 5-7: Estimated Ultimate Capacity of the UHPC Cross Bracing

Axial Load Ultimate Moment Ultimate Moment
Member Designation . : Capacity*, kip-ft (kN- | Requirement, kip-ft
kip (kKN)
m) (KN-m)
UHPC 13x2* -136.3 (606) 103.4 (140.2) 62.2 (84.3)
UHPC 13x2*

Unbonded -136.3 (606) 95.6 (129.6) 62.2 (84.3)
UHPC 13x2* 1061 (4720) 72.7 (98.6) 62.2 (84.3)
UHPC 13x2*

Unbonded 1061 (4720) 74.1 (100.5) 62.2 (84.3)

*Including strength reduction factor

For both the bonded and unbonded cases, the estimated ultimateycaplacger than the
demand, which was estimated based applying a load factor of 1.6 derthee-level loads.

The use of unbonded post-tensioning was estimated to reduce theeaultmparcity of the
members by approximately 8.2% in the tensile loading caseselcdmpressive loading
cases the use of unbonded tendons had little effect, as all tendons in the section shartened du
to the high compressive ultimate load.

5.3.3 Discussion

While the design of the bracing satisfies the requiremengblested in this chapter, a
refined design would need to more accurately account for the dtilmads applied to the
bracing. This could be accomplished through the completion of a 3D, sol&l rfiodel that

included the material nonlinearities present at the ultimategactondition. This would

account for any force re-distribution due to differential yieydiaf tower members.

Additionally, the variable amplification of loading (i.e., the diéfet load factors for direct
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wind vs. turbine wind loads) would affect to load distribution. Whema fiecision is made
on the use of bonded or unbonded tendons in the bracing, adequate cover argl spacin

distances should be ensured.

As mentioned above, other options do exist for bracing. One such op@oWis-section.

WT’s would be suitable for cross bracing because they aret@lpass flange-flange with
minimal member offset. However, any change in bracing wouldire additional analysis
using the centerline finite element model, as force distributiondvoelexpected to occur.
Additionally, the use of rounded sections reduces the wind load on thagoeaw cross
bracing. For WT sections of the same height, the loading on emrhber would be
approximately 35% higher. In general, the use of a WT wotrdcatarger forces and would

increase the size of bracing members.

With the use of UHPC bracing and cross bracing, an additional vaifiigeyd (58.1 nf) is
necessary to complete the tower construction. This brings thevtdtahe of UHPC needed
for the Lattice Tower to 249 §d190 n).

If unbonded tendons were selected for use with the UHPC bracingr@ssl liracing, the
design would need to be refined slightly for the reduction of arehaltered moment of
inertia due to the presence of the ducts. Additionally, a moneeckfprocedure would be

necessary to determine the ultimate capacity of the bracing and aosgbr
5.4 Verification of the UHPC Column Design

5.4.1 Column Analysis

One of the main purposes of the finite element model was to vkéaftythe columns would
act in composite manner with bracing, and that the stress lievéie columns are within
acceptable levels under service level loading conditions. In tmtext, the most critical
columns to be investigated are those farthest from the neutsalwdoen the tower is
subjected to flexural action. The critical columns will eitheve the largest compressive
axial force, or largest tensile axial force. For the O-eegnd 30-degree loading conditions,
the northwest and southeast columns were the most critical. Tblesens are identified in

Figure 5.9, which shows the tower in plan view. Although member forege available

www.manaraa.com



162

from the model at 2.5 ft (0.76 m) increments, examining each of khestons would have
been extremely time-consuming. An alternative approach was fallowkerein only the
vital locations were identified and examined in the northwest antheast columns. The
locations that were examined include the base, the top, and pointtydiefore and after
post-tensioning cut-off locations. Recall that post-tensioning catvaéire chosen at 110 ft
(33.5 m) and 220 ft (67.1 m). In addition to the above locations, the pointsyafmom
moment (M, My, and M) of all six columns were examined in ranges of 0-110 ft (0-33.5 m),
110-220 ft (33.5-67.1 m), and 220-322.2 ft (67.1-98.2 m).

Northwest
Column \

— Southeast
Column

Figure 5.9: Locations of Critical Columns Caused by Service-Level Wind Loadg

For the column members the finite element analysis provided meemoeforces. These
forces were then combined, and the appropriate stresses weratedlcFor every location
that was checked an axial compression force was present. Thigtéudiwo locations were
decompressed under service level conditions. Since this was the thas maximum

compression/tension stress could be calculated elastically at atigriicaiang the columns:
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Cr + Mr(Dcol/Z) (5'5)

Anet Itrans

where C, = compressive axial force in the column, due to loading and prestressing;
A,.: = net section area of the column;
M, = required, local bending moment in the column;
D.,; = column diameter; and

I, = transformed moment of inertia of the column.

The results of this analysis at the transition sectionsstegl lin Table 5-8. In Equation (5-5),
M, is the vector summation of the required local column bending momenthda=columns
ranging from 0-110 ft (0-33.5 m) and 220-322 ft (67.1-68.2 m) along the tosigiht, the
individual column moment of inertia is the same for all orientatidh&refore, the mixed
moment of inertia of the section is zero for any orientationcblumns in the range of 110-
220 ft (33.5-67.1 m) along the tower height, the columns’ major and minorigbeinc
moments of inertia were not the same. Therefore, Equation (5-5)nddgrovide the exact
stress whenM,. was applied about a non-principle axis. However, the major and minor
moments of inertia for columns in this range differed by only 3.3-8.8%ulting in a very
small mixed moment of inerta. For simplicity, the moméntfor columns in this range was
considered to act about the minor axis. This was a conservative pgsynand was
estimated to the cause the calculated values reported in5-8kie vary from the true stress
by 0.01-0.03 ksi (0.07-0.2 MPa). This was judged to be a negligible variasa®o columns

were found to exceed the allowable stress limits.

In all column locations examined, in only one were tensile stratsesoped due to the
combination of axial load and local column bending moments. This occureededvation

of 110 ft (33.5 m) immediately after a post-tensioning cut-off, ansl eaéculated as -0.313
ksi (-2.16 MPa). It is important to note that this location represemislumn joint and the
column-to-column connection would be provided exclusively by presigeskrce.

Therefore, in reality this tensile stress would not be dgesl. Rather, a joint opening would
occur. However, as the average stress level in the column wastbed).259 ksi (1.786

MPa) in compression, only the outer edge of the column joint would opece e
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corresponding joint opening would be very small, and in a concentratditarnes judged
that the overall effect on the model was minimal. If such an ogewere considered

undesirable, it could be prevented through use of positive connections atncmunn

locations.
Table 5-8: Column Longitudinal Stresses at Selected Locations
. . . Longitudinal Stress, ksi
Elevation Tensmn/Compress_lon Side (MPa)
of Neutral Axis .
(+ve compression)
Tension 0.881 (6.07)
0 ft (O m) _
Compression 10.31 (71.1)
110 ft (33.5 m) Tension 2.11 (14.55)
(Before PT cut-off) Compression 11.14 (76.8)
110 ft (33.5 m) Tension -0.313 (-2.16)
(After PT cut-off) Compression 8.82 (60.8)
220 ft (67.1 m) Tension 3.28 (22.6)
(Before PT cut-off) Compression 11.14 (76.8)
(After PT cut-off) Compression 6.75 (46.5)
Tension 1.826 (12.59)
322.2 ft (98.2 m) :
Compression 9.57 (66.0)

The largest compressive stress developed in the model was 11.14 ksM{&).8which

occurred at the 110 ft (33.5 m) immediately before a post-tensioningffc and at 220 ft
(67.1 m), immediately after a post-tensioning cut-off. In thearemg locations that were
checked (i.e., locations where maximum moments occurred), adsastravere within the

envelope presented in Table 5-9 and therefore, they are not listed.

The columns were also investigated with regards to cracking uederces level shear
conditions, due to the combination of torsion and shear. In general, the colutinrthev

smallest axial compressive force had the largest principass&ts. Therefore, only the
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columns on the tension side of the overall tower neutral axis dochave their shear and

principal stresses listed. These stresses are summarized in Bable 5-

Table 5-9: Tension Column Shear and Principal Stresses at Selecteocations

Elevation Total Shear Stress, ksi | Principal Stress, ksi (MPa)
(MPa) (-ve tension)
0ft(0m) 0.271 (1.868) -0.000829 (-0.00572)
110 ft (33.5 m) _
(Before PT cut-off) 0.1417(0.977) 0.00943 (0.0650)
110 ft (33.5 m) _ _
(After PT cut-off) 0.1478 (1.019) 0.371 (-2.56)
220 ft (67.1 m) _ _
(Before PT cut-off) 0.1742 (1.201) 0.00903 (-0.0622)
220 ft (67.1 m)
(After PT cut-of 0.1909 (1.316) -0.1212 (-0.836)
322.2 1t (98.2 m) 0.469 (3.23) 10.1121 (0.773)

In no locations checked did the principal stress exceed the crastkergyth of UHPC, 1.3
ksi (8.96 MPa). Therefore, the tower should experience no shearngdokthe columns
under service level forces. The principal stresses in the lottaons examined were within
the envelope created by Table 5-9. The relatively low level of sitesmses suggests that the
bracing effectively transfers the lateral load from turboperation and wind force to the
foundation and prevents it from entering into the columns as a shear fRather, it

contributes to the axial load in the columns.

In addition to verifying column behavior, the model was also used teeréie moment of
inertia that was calculated in the preliminary design of th#°O Lattice tower. Since the
moment of inertia was previously calculated by only consideringctieémns, the finite
element model was used to capture the additional stiffness ofyshems caused by the
presence of bracing. This was done in the following manner. A 100 kipk(di#brce was
applied at the tower top in the finite element model. The displasefrom the model was

then recorded, and compared to the calculated displacement comgsidelynthe UHPC
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Lattice tower columns’ moment of inertia. The finite elemerguite showed a lateral
displacement of 7.36 in. (0.1869 m), while the calculated displacemer25wé larger at
9.25 in. (0.235 m). As the tower’s lateral displacement is invergeportional to its
stiffness, it was concluded that the bracing contributed an additional 25.7%datgrass to
the tower. Therefore, the moment of inertia of the UHPC Latteer was multiplied by a

factor of 1.257 for the deflection and natural frequency calculations in Chapter 4.

At service-level loading, the maximum tower displacement irfithe element model was
28.6 in. (0.726 m) for the O-degree loading orientation, and 27.1 in. (0.688 mmef80-
degree loading orientation. These displacements corresponded within 0.4%%e of
displacements calculated in Chapter 4 using the modified momamergf. This indicates

that the model is correctly loaded and provided reasonable results.

5.4.2 Discussion

In almost all locations the tower remains decompressed undeiceskvel loading.
However, it should be noted that the maximum compressive stsmesn the tower were
significantly lower than the initial design stresses. Thiglue to the assumption that all
compression and tension due to bending would be carried through the colioneseH it

is observed from the analysis that indeed a portion of the longitudemaling forces are

transferred through the bracing system.

Another effect of this is a reduction in the transfer of posttansy stresses into the
columns, ranging from 60% effective at the tower top to 84% teféetor at the tower base.
In the finite element model, the bracing was considered attatthethe tower before
prestressing occurs. The actual construction sequence wouldtmesghsider whether
bracing was needed to support the columns as they were erectetheopost-tensioning
would be applied before any bracing is attached. As the tower is cumerdigled, nearly all

sections remain in compression under service-level loading (except for oleekbpaint).

5.5 Summary
The centerline finite element model analyzed the behavior dJHfeC Lattice tower as an

entire system. It was observed that the bracing and cross bmaadirig concert with the
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UHPC columns and assist in taking a portion of the longitudinal conngeeasd tensile
forces caused by bending. Additionally, a portion of the prestressmeg fs transferred
through the bracing and cross bracing. A final design summahedfHPC Lattice tower is

presented in Table 5-10.

The results of the centerline finite element analysis led sogdeof the bracing and cross
bracing as hollow UHPC, pre-tensioned members. Only three unique meimbs are

needed for the entire tower. Other options are possible for thedpratthough changing
bracing and cross bracing sizes would require re-analysis dinites element model with

updated sizing. In general, the initial design of the UHPC Laftm&er overestimated the
forces in the columns. The result was a design that carriee somservatism. This
conservatism could be limited through the reduction of column sizesfiheeincreasing the
stress in the columns and further utilizing the higher compressigagth of UHPC).

Another option would be to prestress the columns before the bracittgdiseal, but utilize a
smaller amount of PT steel. However, the design in its curterdtion meets all design

criteria.

While the centerline finite element model was able to morerataly determine the service-
level response of the lattice tower, as well as provide theniafiton necessary to complete
the bracing design, a refined design of the Lattice tower could includevibstigation of the
tower response at factored-level loads. This would include the coomplef a 3D, solid
finite element model. This model should incorporate the material nanlies of UHPC and
steel in order to truly estimate the tower ultimate cdpadihis would provide insight into
any possible stress concentrations, as well as provide theatnaged-level loading in the
bracing members. However, it was judged that this would mosy lilatlgovern the design,

as calculations from Section 4.3 have shown that service-level loading is niogg. cri
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Table 5-10: Final Design Summary of the 322 ft (98.2 m) UHPC Lattice Tower

Compressive Strength, ksi (MPa) 26 (179.3)
Post-tensioning Effective Stress, ksi (MPa) 180 (1241)

Overall DiameterD, at Base, in. (m) 354 (8.99)

Column Diameterd,,;, at Base, in. (mm) 26.625 (676)
Number of 0.6-in diameter strands, 0-110 ft (0-33.5 m) 486
Overall DiameterD, at 110 ft (33.5 m), in. (m) 294 (7.47)

Column Diameterd,.,;, at at 110 ft (33.5 m), in. (mm) 24.625 (625)

Number of 0.6-in diameters strands, 110-220 ft (33.5-67.1 m) 342
Overall DiameterD, at 220 ft (67.1 m) , in. (m) 246 (6.25)
Column Diameterd,,;, at 220 ft (67.1 m), in. (mm) 19.75 (502)

Number of 0.6-in diameter strands, 220-322ft (67.1-98.2 m) 198
Overall DiameterD, at 322 ft (98.2 m), in. (m) 120 (3.05)

Column Diameterd,.,;, at 322ft (98.2 m), in. (m)

14.875 (378)

Horizontal Bracing, 30-120 ft (9.15-36.6 m)

UHPC 9x2 in. (229x50.8
mm), 18-0.6 in. (15 mm)
tendons

Horizontal Bracing, 150-310 ft (45.7-94.5 m).

UHPC 9x2 in. (229x50.8
mm), 16-0.6 in. (15 mm)

tendons
UHPC 13x2 in. (330x50.8
Cross Bracing, 0-322.2 ft (0-98.2 m) mm),
6-0.6 in. (15 mm) tendons
UHPC Volume, yd(m°) 249 (190.4)
Tower Weight, kips (kN) 1123 (4980)
Fundamental Tower Natural Frequency, Hz 0.495
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6 SUMMARY AND CONCLUSIONS

6.1 Summary of Research

In Chapter 1, the need for the advancement of tower wind turbinestinverder to achieve
the Department of Energy’s “20% by 2030” wind energy goal was disduss well as the
challenges associated with extending the current technologypwft steel towers to higher
elevations. The benefits of taller hub heights were detailed, inclikdengicreased quantity
and reliability of power production as a result of higher wind spe€lds suitability of
concrete and UHPC for taller wind turbine towers was examinelliding two potential
UHPC tower concepts. In Chapter 2, a review of the material giepend behavior of
UHPC was completed. The loads experienced by wind turbine toweesdescribed, and
literature and standards where tower loading can be obtaineddestidied. The limit states
associated with steel and prestressed concrete/UHPC weréedemind specifications and
other methods suitable for evaluating those limit states were discussdibredly, a design
study that completed designs for 328 ft (100 m) towers with atelprestressed concrete
was reviewed. Chapter 3 presented designs for both a 322 ft (9&2ehand prestressed
concrete tower. Chapter 4 presented a design for the 322 ft (98IBIRQ Shell tower and a
preliminary design for the UHPC Lattice tower. The resultshese designs were then
compared to the concrete and steel towers that were developedpteiChaas well as the
results of the design study that was introduced at the end pte€tza Chapter 5 presented a
detailed design for the UHPC Lattice tower. The design wagleded through the use of
finite element analysis, which verified the design assumptions dravibe used in Chapter
4 with regards to the UHPC Lattice Tower. The bracing forUr#C Lattice Tower was
also designed using the results of the finite element analysis.

6.2 Conclusions

6.2.1 Steel Towers for 328 ft (100 m) Hub Heights
The 322 ft (98.2 m) steel tower design completed in this studghwsn that the necessary
base diameter for tubular steel towers will be too largeattsport using traditional shipping
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methods. This base diameter was calculated as 18 ft (5.49 m), which exceeds tielfirik

ft (4.3 m) set for highway clearance. The overall tower dsi@s were governed by a
combination of strength and fatigue. As such, the tower’'s operatibesign life is
approximately 20 years. Under service-level loading, the steel td@sign experiences very
large deflections, with a maximum tower drift of 1.65%. The basmeater of the tower
would likely need to be increased to reduce deflections, furtheresaing the
transportation concerns associated with this design. In genesatomcluded that the above
discussed challenges associated with tubular steel shells enthieathere is much room for
innovation for towers at hub heights of 328 ft (100 m) and higher.

6.2.2 Prestressed Concrete Towers for 328 ft (100 m) Hub Heights

A 322 ft (98.2 m), prestressed concrete tower design was compietieid study in order to
provide a comparison for the UHPC Shell and UHPC Lattice Towérs.diameter of the
tower was governed by service-level moment demand. For the bottofthirds of the
tower, the wall thickness was dictated by service-levekstlinitations recommended by
ACI (ACI Committee 318, 2008). The wall thickness in the top-thirdhef tower was
governed by fatigue limitations. However, with a small incréaseall thickness the tower’s
fatigue life was increased to 12 times greater than thtteofurbine. This would allow for
the tower to be re-used after the expiration of the turbine’s ridigég The concrete tower
was better able to handle deflections than the steel tower, witaxamum drift of only
0.413% at the ultimate limit state. Although there are no curréntbyvn deflection limits
for wind turbine towers, this limit comes the closest to the 0.388ftkrecommended by
ACI (ACI Committee 307, 1998) for concrete chimneys. Based on thgndessults, it is
concluded that prestressed concrete provides a possible solution for @Z® ftin) hub
height wind turbine towers. Concrete’s fatigue resistance allomtbe possible re-use of the
tower with multiple towers, which would dramatically increase the value dbther over its
life-cycle. However, the concrete tower was more than thneestas heavy the steel tower,

potentially increasing foundation costs.
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6.2.3 Prestressed UHPC Shell Towers for 328 ft (100 m) Hub Heights

The completed design of the 322 ft (98.2 m) UHPC Shell towergepte an extension of
current turbine tower designs with an advanced material. The tdimsnsions were
governed by moment demand for the bottom two-thirds of the tower hemghshear and
torsion interaction for the top-third of the tower. This is notabléhagop-third of the tower
was governed by a different limit state than the regular strength tetaweer. This suggests
that replicating current designs with more advanced mkteriay not be the most efficient
solution. However, the UHPC Shell tower used only 31.9% of the mategaired for the
regular strength (i.e., 7 ksi [48.3 MPa]) concrete tower. This wgudgtly reduce the
transportation costs associated with bringing this materiahdagptoject site, as compared
with the regular strength concrete tower. The fatigue liftheftower is very high, with a
minimum of 5.63x1&" allowable load cycles. As with the concrete tower, the UHPQ She
tower has the potential to be re-used with multiple turbines, spgeadimitial cost over a
longer design life. The UHPC Shell experienced large dedlestiwith a drift of 1.43% at
the service-level limit state. While not as high as thel $taver drift, this represents a very
large deflection under service-level loading. Were manufacteféxation limits known, it is
likely that the design would need to be refined to reduce deflectidres most effective
option for this refinement would be an increased base diameter. Inafjenhé concluded
that UHPC Shell tower provides a good solution for wind turbine toate328 ft (100 m) or
taller hub heights. Its reduction in required materials not onlgatés transportation costs,
but makes it a more sustainable design. The following is a symaofathe primary
conclusions obtained from the 322 ft (98.2 m) UHPC Shell tower design:

e Practicable solution to the transportation challenges associatédtaliér steel
towers, owing to the UHPC Shell’'s modular design and thin redjuedl thickness,
which ranged from 4.25-3.25 in. (108-82.6 mm);

e More efficient use of material as compared to the condeeter, with a 68%
reduction in volume; and

e Strong suitability for use with multiple turbines over the towéféscycle due to its
excellent fatigue resistance, increasing the value of thertass compared to current

steel towers.
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In general, it is concluded that the UHPC Shell tower provides a golotion for wind
turbine towers at 328 ft (100 m) or high hub heights.

6.2.4 Prestressed UHPC Lattice Tower for 328 ft (100 m) Hub Heights

The UHPC Lattice tower is a completely new design conceptnpting to more efficiently
utilize UHPC as compared to the UHPC Shell tower while impigpwransportability and
constructability. The UHPC Lattice tower design was goverdyg by moment demand,
never by fatigue because of UHPC’s high fatigue resistancehantbwer’s high stiffness,
leading to a reduced applied fatigue stress range. This indiaatasth the UHPC Shell and
regular strength concrete shell, the possibility for re-usehef UHPC Lattice Tower,
dramatically increasing the value of the tower as compareé@dbdtsigns. This long fatigue
life, coupled with the use of unbonded tendons and small member sizes alsouddlow the
tower to be disassembled and moved to another location if required. Tin@rame design
of the UHPC Lattice tower columns resulted in 94.5% of the voluméH®C required for
the UHPC Shell tower. The total volume of UHPC for the Lattioeer is strongly
influenced by the choice of bracing material. If UHPC isduiee bracing and cross-bracing
members, as designed in Chapter 5, the UHPC Lattice tower wayudee6.1% more
material than the UHPC Shell Tower. However, this amounts to434£6 of the material
required by the regular strength concrete tower. Additionallyhesléflection of the UHPC
Lattice tower is only 51.7% of the UHPC Shell Tower’s, the UHR@ice tower will likely
require much less refinement to meet deflection limits. Thezefit is probable that the
volume of UHPC required for the Shell will increase, bridging gap between the two
designs. The results of the finite element model suggestedhéhbtecing effectively enables
composite action between the columns of the UHPC Lattice towefyingrthe primary
design assumption behind the Lattice concept. The following is a synoh#ne primary

conclusions were drawn regarding the 322 ft (98.2 m) UHPC Lattice Tower:

e Viable solution to the transportation challenges associated alldr steel towers,
with column diameters ranging from 26.625-14.875 in. (676-378 mm) and bracing
member diameters ranging from 9-13 in. (229-330 mm);
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e Increased value as compared to steel towers due to long tawguef life and
potential for re-use and re-deployment;

e Excellent deflection control as compared to the steel and UHPC shell towers; and

e More efficient use of material than the regular strengthcreda tower, with

approximately 57% reduction in volume.

It is concluded that the UHPC Lattice tower has strong poteadia design alternative for
328 ft (100 m) hub height towers because of its relatively smabkatefhs, small required
member sizes, and high fatigue resistance. As compared toghlarrstrength concrete
tower, both UHPC designs make more efficient use of matenmreasing their
sustainability. The advantage of using the UHPC Lattice vergll3QJshell will ultimately
depend on manufacturer deflection requirements and the choice aofgoedements for the
UHPC Lattice tower.

6.3 Future Research

One of the main tasks of future research for the UHPC towegrdesould to be to obtain
turbine loads from a manufacturer. While it is believed the laes@sl in this study were
appropriate for general conditions, loading for a specific turbine woelid to refine the
designs presented in this report, as well as allow for a dioeaparison to current steel and
concrete tower alternatives for 328 ft (100 m) hub heights. Additigrthlt determination of
a deflection limit would allow for a more direct comparison betwée UHPC Shell and
UHPC Lattice towers. Both of these goals could be accomplidiredigh input from a

turbine manufacturer.

The UHPC Lattice tower concept could be refined through further tigaéisn of other
bracing types. This could include regular strength concrete p#relspan between the
UHPC columns. Additionally, wind tunnel testing could be used to morgatety quantify
the loading requirements for the bracing members. While the ASCEStructural
Engineering Institute, 2005) is an accepted American design staitdigrdelieved that it
does not take into account the intricacies of the loading on thBQJHattice tower.
However, as the ASCE 7 is commonly used on a wide range of buailthdgy, it is likely a
conservative estimate of the direct wind loading on the UHPC Lattice.towe
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While main member sizes have been presented here, a detailedtcmaad foundation

design should be completed to further evaluate the total mateqgalrements for each
design, and therefore the costs differences between tubulamsteeldesigns and the UHPC
towers designs presented in this study. These connection designs $teoulokttested to

ensure their assumed behavior.

With the UHPC Lattice or UHPC Shell design refined for spediirbine loading, large-
scale testing should then be undertaken to further verify the thebrbabavior of the

towers, as considered in this study.
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